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1. Introduction 29 

Concrete-filled steel tubular (CFST) structures are widely adopted in buildings, bridges, marine 30 

infrastructures and transmission towers. Inner concrete in a CFST member would significantly 31 

improve its local buckling resistance [1,2,3] especially for those with large diameter-to-thickness 32 

ratios. In transmission towers, poles and arch bridges [4], hollow or CFST chords and braces are 33 

commonly connected through welding. Previous research on the axial compressive [5-7] and tensile 34 

performance [6-9] of T-type concrete-filled CHS connections demonstrated that the capacity and 35 

radial stuffiness could be significantly improved when compared with the hollow section connections 36 

counterpart. These experimental investigation also showed that the typical failure modes of composite 37 

connections were brace failure [5,6] and crushing of inner concrete [5,7] in the case of axial 38 

compression and punching shear in the case of axial tension [6-9]. The inner concrete also prevents the 39 

inward tube-wall deformation thus enhancing the radial stiffness of the chord member, though not 40 

providing the direct tensile or compressive strength resistance to the external force. It can make full 41 

use of chord-wall material when the strength of brace is adequate as the connections fail at material 42 

level. The hollow horizontal branches welded to the CFST transmission poles will also support the 43 

gravity load of the electrical conductors and the ice-load, which will introduce in-plane bending to 44 

those connecting areas. However, limited studies [6] have been reported on the performance of in-45 

plane bending loaded concrete-filled or grouted circular hollow section (CHS) connections.  46 

In addition, current design code, AISC 360-10 [10], and guideline, CIDECT-1 [11], for tubular 47 

connections are primarily for hollow structural section (HSS) which mainly includes square hollow 48 

section (SHS) connections, rectangular hollow section (RHS) connections and CHS connections. By 49 

limiting the ratio of chord diameter to thickness (D/t) and selecting adequate material qualities and 50 

suitable welding procedures, the failure modes of plain steel HSS connections subjected to in-plane 51 

bending can be categorized into 1) chord punching shear (which is unlikely to occur without sufficient 52 

rotation capacity [12]) and 2) chord plasitification. The analytical model currently adopted in design 53 

codes and guidelines for punching shear failure assumes a full plastification of the punching shear area 54 

[12] with due account on the influence of chord-to-brace angle [11,13], whilst the design equations for 55 
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chord plastification in CIDECT-1 [11] are based on the modified function of Gerstein [14] and the 56 

analysis by van der Vegte et al. [15,16] and Qian et al. [17]. As for the concrete-filled connections, the 57 

design procedure given in CIDECT-3 [18] is based on the investigations of Packer and Fear [19] and 58 

Packer [7], applicable for concrete-filled SHS and RHS connections. Their investigations are based on 59 

Yield-line Theory. The design provisions for concrete-filled CHS connections subjected to in-plane 60 

bending is currently scarce. Therefore, this paper aims to develop design provisions for such connections 61 

through experimental, numerical and analytical studies. Based on the generated structural performance 62 

data and analytical studies, design equations are proposed.  63 

2. Experimental Investigation 64 

2.1. Test Specimens 65 

Totally four specimens were tested under in-plane bending. The measured geometries (D, t, Db, tb) 66 

are shown in Table 1. The steel CHS tubes filled with self-compacting concrete were used for chord 67 

members, whilst the brace members were fabricated from plain CHS tubes. The nominal lengths of the 68 

chord and brace members were kept constant in all the test specimens and were 2000 mm and 630 mm, 69 

respectively. Fillet weld was used to connect the brace and chord in this test, as shown in Fig. 1.  70 

The steel mechanical properties (yield strength – Fy, ultimate strength – Fu, elastic modulus – 71 

Es and % of elongation at fracture – εf) were determined from tensile coupon tests, as summarized in 72 

Table 2. The 150-mm cubic compressive strength (fcu) and elastic modulus (Ec)  of inner concrete after 73 

28 days were 56.3 MPa and 34,100 MPa, respectively. A 20-mm steel plate and stiffeners were welded 74 

on the top of brace member for MTS installation. Four connection specimens were tested in two days 75 

on the 28th and 29th after casting inner concrete. 76 

The test specimens were labeled as the order of the connection type, the chord diameter, the 77 

chord-wall thickness, the brace diameter and the brace-wall thickness. For example, the label “T-300-78 

4-133-6” defines a T-connection with a nominal outer chord diameter of 300 mm, nominal chord 79 

thickness of 4 mm, nominal outer brace diameter of 133 mm and nominal brace thickness of 6 mm. 80 
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2.2. Test Set-up and Loading System 81 

Fig. 1 shows the details of test set-up and specimens under in-plane bending. The moment 82 

applied on test specimens was evaluated as the applied tension load multiplying its force arm 790 mm.  83 

Both ends of the chord were fixed and the brace end was connected to a 1,000kN-tension-capacity 84 

MTS actuator. The tensile load was controlled by the displacement of MTS load head at a constant 85 

speed of 0.5 mm/min for all test specimens. It could allow the tests to enter the post-failure stage. The 86 

chord wall deformations, 15 mm from the weld toe, were measured by LVDTs and the measurement 87 

arrangements are shown in Fig. 1. The date-acquisition frequency at 1 Hz was used during the whole 88 

test for the record of both applied load and displacements of transducers. 89 

3. Test Results and Discussion 90 

3.1. Failure Mode 91 

The chord-wall punching shear failure at the crown of the tension side was the only failure mode 92 

observed in the tests. No obvious yield-line was observed on the chord wall near the weld toe until the 93 

load exceeded 85% of the ultimate strength. The initial fracture cracks formed at the chord-crown of 94 

the tension side and then developed quickly to the saddle sides along the weld toe. After a slight 95 

increase in the load (less than 3% of ultimate strength), these specimens finally failed in a sudden 96 

chord-wall fracture. The failure mode of composite connections was not affected by the chord wall 97 

slenderness (D/t) and diameter ratio between brace and chord (Db/D) in these tests. The typical failure 98 

mode of specimens T-240-4-203-8 is shown in Fig. 2. 99 

3.2. Chord-Wall Deformation 100 

It is suggested in CIDECT-1 [11] for plain CHS connections under the strength limit state, the 101 

corresponding deformation at the peak loads in their load- deformation curves should be less than 3% 102 

D (0.03D), otherwise the connection capacity is the load corresponding to the deformation of 3% D 103 

(0.03D) which is called the deformation limit of 3% D. This is also applicable for a connection 104 

without a pronounced peak strength on its load-deformation curve. Additionally, the serviceability 105 
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deformation should be limited to 1% D (0.01D). The suitability of the recommendations was examined 106 

in this study.  107 

The curves of load - deformation (ΔB) which is the measured displacement difference between 108 

points B and B1 (as shown in Fig. 1) for all the test specimens are plotted in Fig. 3 as solid lines. It is 109 

shown that the chord-wall thickness has some effects on its deformation. The deformation of 110 

specimens with 5-mm-chord-wall is less than those with 4-mm-chord-wall at the same load, while the 111 

maximum deformations were similar for connections with the same chord diameter.  112 

In the test, the chord deformations at the peak load are less than the 3% deformation limit 113 

specified in the CIDECT-1 [11] recommendations for all specimens. The comparison is shown in Fig. 114 

3. Although the maximum values exceed the serviceability deformation limit, 1% D (shown in Fig. 3), 115 

the service load is normally much less than the design strength. It is suggested by Lu et al. [20] that 116 

the ultimate load was governed for the case of CHS connections because the ratios of limit strength to 117 

service strength (assuming the strength at deformation of 0.01D in this study) were always less than 118 

1.5, which was also proved by the test results. If the load at the chord-wall deformation of 1% D is 119 

used for service strength according to CIDECT-1 in this investigation, the ratios of limit strength to 120 

service strength for this test series is 1.47 for specimens with D = 300 mm and 1.24 for specimens 121 

with D = 240 mm.   122 

Therefore, the deformation limits recommended by CIDECT-1 [11] are generally satisfied. 123 

3.3. Ultimate Strengths 124 

The ultimate moment strengths (MExp = F × 630 mm) of the test connections are shown in Table 1. 125 

It is slightly increased with the wall thickness for all test specimens. 126 

AISC 360-10 design 127 

In AISC 360-10 [10] specification, there are two limit states for plain steel CHS connections 128 

under in-plane bending, namely chord plastification and shear yielding (punching). The design 129 

strength equations are shown in Eqs. (1) and (2), respectively. The ultimate capacity, MAISC, of a 130 

connection is determined by the lower one calculated from Eqs. (1) and (2). 131 
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Chord plastification (for T-connections under in-plane bending) 132 

f
QDtFM

b

5.02

yPlast AISC,
39.5 =                                                                  (1) 133 

Shear yielding (for T-connections under in-plane bending) 134 

2

byPunching AISC, 6.0 DtFM =                                                                             (2) 135 

where Fy is the yield stress of the CHS member material, t is the wall thickness of the chord member, γ 136 

is the ratio of chord outer radius to chord thickness,  is the outer diameter ratio of brace to chord; Db 137 

is the diameter of the brace member, Qf is factors in the AISC 360-10 [10], MAISC,Plast and MAISC,Punching 138 

are the design strengths under the ultimate states of chord plastification and shear yielding, 139 

respectively. 140 

The AISC 360-10 [10] design strengths (MAISC) for plain steel CHS connections, the smaller ones 141 

calculated by Eqs. (1) and (2), are compared with the test results, as shown in Table 3. As anticipated, 142 

the comparison shows that if the participant of inner concrete is neglected, the connection design 143 

strengths are very conservative with an average MAISC/MExp ratio of 0.32. According to the results 144 

calculated by AISC 360-10 [10], all the specimens are designed to fail at chord plastification, which is 145 

different from the test observations. Therefore, the AISC 360-10 [10] design strength at the ultimate 146 

state of shear yielding (punching) is also compared in Table 3. Similarly, these calculated punching 147 

shear strength by Eq. (2) are still conservative for all the specimens. This difference is due to the 148 

absence of the concrete contribution in evaluating the strengths. It should be noted that these two 149 

equations from AISC 360-10 [10] is intended to be valid for hollow structural section tubular 150 

connections only.  151 

4. Finite Element Analysis 152 

4.1. General Description 153 

The finite element analysis (FEA) was conducted by ABAQUS/Explicit (6.10) [21] solution 154 

technique since it allows FE models to be discontinued which offers the possibility of visible “fracture 155 

crack” development when the material failure criterion is defined, by means of deleting elements from 156 



7 

 

mesh. 157 

 Solid element was used to model the steel tube since it enabled the feasibility in modeling the 158 

weld geometry which was irregular and could hardly be defined as a shell. In this study, the element 159 

type of C3D8R was chosen in both concrete and steel parts. The sensitivity analysis on mesh was 160 

conducted to find an appropriate element size with both accurate simulation result and acceptable 161 

computational time since element size would also affect the stable increment of FE model in 162 

ABAQUS/Explicit. The load-deformation curves of FE mode T-240-5-203-6 with the element sizes 163 

being 3 mm, 4 mm and 6 mm were compared. The number of elements was two along the thickness 164 

direction for the thickness of tube-wall less than 6 mm and for other cases it was three. For regions 165 

with more uniform stress profiles, the element size kept to be 25 mm. For the element size of concrete 166 

part, it was kept constant at 15 mm. The element size will mainly affect the fracture failure points of 167 

FE models, as shown in Fig. 4(a). The model with fine mesh tended to fail earlier than that with coarse 168 

one since the failure criterion was assumed to be activated upon one integration location of elements. 169 

Though fine mesh will not cause convergence problem in ABAQUS/Explicit, considering the 170 

computational efficiency and the aspect ratio of elements, the element size of 3 mm for the region near 171 

connecting area was adopted. Therefore the total number of elements was approximately 50,000 for 172 

the concrete part and 29,000 for the steel CHS connection part. Typical finite element mesh of 173 

concrete-filled CHS connection is shown in Fig. 5.  174 

Though the convergence problem will not occur in ABAQUS/Explicit as mentioned before, we 175 

still should be aware of the stability of the simulation process when it is used in solving the quasi-176 

static structural problem. So the ratio of all kinetic energy (ALLIK) and all internal energy (ALLIE) is 177 

used as an index to assess the suitability of relevant parameters and the rationality of simulation in this 178 

paper. To improve the computational efficiency without scarifying the calculation accuracy, a proper 179 

fixed mass scaling factor (MSF) was employed into the models at beginning which was preferred for 180 

quasi-static analysis [22]. The values of 104, 106, 109, 1010 and 1012 for fixed MSFs were evaluated by 181 

comparing their load-deformation curves, as shown in Fig. 4(b). In ABAQUS documentation, it is 182 

suggested that ratio of ALLIK to ALLIE should not exceed a small fraction value [22]. It was found 183 



8 

 

that large MSFs, i.e. 1012, 1010, 109, would cause unstable simulation process especially at the 184 

beginning stage. For models with fixed MSFs of 104 and 106, the ratios were both less than 5% and the 185 

load-deformation curves were almost coincided as shown in Figs. 4(b) and (c). However the 186 

computational time would be significantly reduced in the case of 106 by ten times theoretically when 187 

compared with the case of 104. Therefore the MSF value of 106 is adopted in the FEA. 188 

For the steel constitutive model for chord and brace members, the plasticity properties were 189 

determined by true stress-strain curves obtained from the tensile coupon test results, with the von 190 

Mises yield criterion, associated flow rule and isotropic strain hardening. For the weld, an average size 191 

measured from test specimens was used. Since the failure would not occur at the weld which was 192 

design to be equal strength with members, its material property was the same as the chord. For the 193 

concrete constitutive model, constant values of 30°, 0.1, 1.16, 0.667 and 0.00025 were adopted in the 194 

concrete-damaged plasticity model (ABAQUS 6.10) for dilation angle (Фs), flow potential eccentricity 195 

(econ), ratio of the compressive strength under biaxial loading to uniaxial compressive strength (fbo/fco), 196 

the ratio of the second stress invariant on the tensile meridian to that on the compressive meridian (Kc), 197 

and viscosity parameter (μ), respectively. The measured strength of concrete was used in defining the 198 

uniaxial stress-strain relationship by the concrete constitutive model suggested by Liang et al. [23]. 199 

The elastic modulus and Poison’s ratio were taken as 
c4700 f [24] and 0.2 [25], respectively. The 200 

tensile behaviour of concrete was modeled by the fracture energy–based method suggested by CEB-201 

FIP Model Code 2010 [26]. The interaction between steel and inner concrete was simulated by the 202 

contact interaction. The hard contact model and Coulomb friction model were employed in the normal 203 

and tangential directions, respectively. The value of the coefficient of friction μ was taken as 0.6 [27]. 204 

The boundary condition was set as the test where two chord-ends were fixed. The tensile load (parallel 205 

to the chord axis) was applied at the speed of 0.5 mm/min, as it in the test. 206 

The modified Mohr-Coulomb (MMC) failure criterion with von Mises yield criterion [28], as 207 

shown in Eq. (3), was employed in finite element (FE) models to define the element failure using 208 

Metal Ductile Damage combined with user subroutine in ABAQUS/Explicit. The model assumes that 209 
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equivalent plastic strain at the onset of fracture damage ( f ) is a function of stress triaxiality ( ) and 210 

normalized Lode angle parameter ( ), as shown in Eq. (3). The criterion for fracture damage initiation 211 

is met when the condition that the damage index p
0

f

p

),(

1






d  reaches 1.0 is satisfied [22], where 212 

the damage is assumed to accumulate with a linear incremental dependence on the equivalent plastic 213 

strain. The post-failure damage evolution was defined based on effective plastic displacement (
pl

u ) to 214 

mitigate the mesh-dependent for post-failure softening behaviour using * Damage Evolution [22]. Due 215 

to lack of experimental data, the effective plastic displacement at the point of element failure (
pl

fu ) set 216 

to be 0.1 in a linear evolution form according to ABAQUS Example problem guide [22]. In the FE 217 

model, an element would be removed from the mesh if 
pl

u reaches 
pl

fu  at all of the section points at any 218 

one integration location of an element [22]. The MMC criterion can well predict the initial fracture 219 

crack and its propagation, especially for shear-dominated (low-triaxiality fracture) fracture [29]. It has 220 

been successfully applied to capture the punching shear failure for axial tensile loaded concrete-filled 221 

CHS connections [30]. 222 

n

c
c

c

A

1

1

2

1

2

f

6
sin

3

1

6
cos

3

1
−
























































++













+
=







      

(3) 223 

where 𝜃̅ is the normalized Lode angle, η is the stress triaxiality, and 𝜀f̅ is the fracture equivalent strain.  224 

There are four material parameters (A, n, c1, c2) need to be calibrated. The material strain-225 

hardening parameters, A and n, can be calibrated from the true stress-strain curve fitting, using the 226 

Hollomon’s power law equation, σ=Aεn [31]. The parameter of c1 is a physical property parameter, 227 

“internal friction” coefficient, which is difficult to determine from conventional tensile coupon tests 228 

and will not vary too much for a material with similar crystallographic structures, so that it is 229 

determined according to the reference [29]. Three values of c1 calibrated from material tests in 230 

reference [29] for 2024-T351 aluminum alloy, TRIP 690 and 780 steel with minimum ultimate 231 

stresses of 690 MPa and 780 MPa respectively, were adopted into the sensitive analysis shown in Fig. 232 

6. The parameter of c1 tend to affect the fracture initiation. Due to lack of material experimental data, 233 
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the c1 value of TRIP 690 was employed in this study, where the yield stress and ultimate stress were 234 

most closed to the steel material used in this study compared with 2024-T351 aluminum alloy and 235 

TRIP 780 steel. Moreover, Fig.6 also shows that the connection strengths will change from -3.1% to 236 

1.5% when the value changed from 0.1(-15%) to 0.14 (+15%), respectively. The parameter of c2 is the 237 

maximum shear strength of steel materials determined from tensile coupon tests, expressed as 0.75 Fu 238 

[32]. Table 4 shows the values of four parameters for MMC criterion in numerical analysis. 239 

4.2. Verification 240 

To verify the developed finite element model, the ultimate loads obtained from the FEA results 241 

were compared with the test results in Table 5, with the corresponding mean value MFEA/MExp of 0.97. 242 

It is shown that the FE model adequately predicted the ultimate strengths of the test specimens. Fig. 2 243 

shows the comparison of typical failure mode between both FEA and test results. In addition, the 244 

curves of the load were plotted against the chord wall deformation obtained from the FEA and 245 

compared with the test results, as shown in Fig. 3. The numerical models captured well the general 246 

moment-deformation histories but may slightly overestimate and underestimate the fracture initiation 247 

for D = 240 mm and D = 300 mm specimens respectively. Nevertheless, these comparisons 248 

demonstrated that the developed finite element model is reliable.      249 

Based on the validated finite element models, totally 220 FE models of connection subjected to 250 

in-plane bending with varying geometrical configurations and material properties were established in 251 

the parametric study. The chord length was kept constant at a value of 1400 mm and all other details 252 

such as the brace length, boundary conditions, interaction between steel and concrete and loading 253 

speed were kept the same with those verified test FE models, if not specially mentioned. In parametric 254 

study, to simulate the performance of connections with different steel grades, three stress-strain curves 255 

of different grade steel materials derived from tensile coupon tests were used in MMC criterion to 256 

obtain the parameters of n, A and c2. The parameters of MMC criterion in the parametric study are 257 

presented in Table 4, whilst the material property of concrete was kept the same as the verified FE 258 

models. 259 
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5. Distribution of Punching Shear Stress 260 

Fig. 7 shows the difference of the analytical model of sectional moment resistance between plain 261 

and concrete-filled CHS connections. For the plain CHS connection (Fig. 7(a)), it is assumed that the 262 

neutral axis locates on the center of the section, which is also the analytical model with uniform yield 263 

shear stress distributions on both compressive and tension sides for the punching shear design equation 264 

in AISC 360-10 [10]. While due to the participant of inner concrete in concrete-filled CHS 265 

connections, the neutral axis will move towards the compressive side. The analytical model for 266 

concrete-filled CHS connections is modified and presented in Fig. 7(b). The polar coordinates are 267 

introduced into this model for further shear strength profile description and connection strength 268 

calculation. In this section, the punching shear stress profile on the failure face are expressed as a 269 

piecewise function with an angle variable, θ. The locations of maximum shear stress in compressive 270 

side, neutral axis, and maximum shear stress in tension side are expressed in terms of three crucial 271 

parameters, θ0, θ1 and θ2, respectively, as show in Fig. 7(b). 272 

The shear stress distributions of moment loaded connections, T-240-4-110-6 and T-300-4-150-8, 273 

at the maximum load step were plotted in Fig. 8. Two parabolic functions are employed to describe the 274 

shear stress profile, as expressed in Eq. (4). 275 
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where fv,cmax and fv,tmax are the maximum shear stresses at the compression and tension sides, 277 

respectively, θ is the angle parameter as shown in Fig. 7(b), θ1 is the angle parameter of the position of 278 

neutral axis, and θ0 and θ2 are the angle parameters of the positions of fv,cmax and fv,tmax, respectively. 279 

6. Parametric study 280 

The parametric study was conducted by the validated FE models to evaluate the values of angle 281 

parameters of θ0, θ1 and θ2, which were constant for one specified connection. In order to better 282 
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understand these three vital angle parameters, the influence of geometric configurations on the shear 283 

stress values and profiles on the failure face were firstly assessed. Figs. 9(a), (b) and (c) show the 284 

shear stress distributions of connections with different values of geometric parameters, β (= Db/D), γ 285 

(= 2D/t) and τ (= tb/t). It is shown that the parameters of β and γ have some effects on the maximum 286 

values of shear stress on both tensile and compressive sides and the position of neutral axial (θ1) 287 

respectively, whilst the parameter τ has little effects on both shear stress values and profiles.  288 

Furthermore, a total of 37 FE models of connections with the geometric parameters varied as 289 

follows: 0.20 ≤ β ≤ 0.60, 30.0 ≤ γ ≤ 75.0, 1.2 ≤ τ ≤ 3.0 were established and used to determine the 290 

angle parameters in Eq. (4). The results are shown in Fig. 10. It is shown that the values of θ0, θ1 and 291 

θ2 ranged from 0.13π to 0.23π, 0.25π to 0.35π, and 0.63π to 0.73π, respectively. The approximate 292 

average values of each range, θ0=0.18π, θ1=0.3π, and θ2=0.7π, are recommended in this study, 293 

meaning that the location of fv,cmax, neutral axis and fv,tmax can be defined by the angle parameters as 294 

shown in Fig. 7(b). The errors caused by this approximation can be less than ±10%. For example, the 295 

ultimate moment capacity of T-300-4-150-5 (fu = 560MPa, in Table 6 and Line 13) calculated by 296 

equations using those mean values and curve-calibrated values of 0.178 π (θ0), 0.321π (θ1) and 0.698π 297 

(θ2) from numerical results are 43.34 kN·m and 41.19 kN·m respectively. It results in 5% difference.  298 

7. Design Methods 299 

7.1. Design philosophy 300 

For the plain steel CHS connections, the in-plane bending design strength can be determined 301 

from the minimum strength value in the limit state from the two failure modes: 1) punching shear 302 

failure; and 2) chord plastification. However the chord plastification can be prevented in concrete-303 

filled CHS connections, because the concrete in the chord effectively mitigates the inward deformation. 304 

Therefore, only the punching shear failure is considered.  305 

7.2. Equivalent Thickness of Failure Face 306 

An equivalent thickness method [30] is employed for design simplification. It is because the 307 
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thickness of the failure face varies at the whole chord-brace intersection curve. The spatial intersection 308 

curved surface of the failure face on the tension side is equivalent to cylindrical surface which is a 309 

plane circle with a thickness of Teq perpendicular to the circle plane. The equivalent thickness of the 310 

tension side for connections under in-plane bending is thus modified, since only tension side is 311 

interested in the following proposed design equations, as shown in Fig. 11. The proposed equations are 312 

shown in Eqs. (5) and (6).  313 

 ( )t
D

S
T

eq

b

t

eq
1

Δ

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+==                                                                     (5) 314 

1
Δ

b

t

eq
−=

tD

S


                                                                         (6) 315 

where Teq is the equivalent thickness, St is the area of the failure face on the tension side, Δ is the 316 

angle parameter (π-θ1) indicating the tension side in Fig. 11, and μeq is defined as an equivalent area 317 

correcting parameter.  318 

The coefficient μeq mainly varies with the parameter β (= Db/D) which typically ranges between 319 

0.2 and 0.8. The relationship between μeq and β is obtained from curve fitting with the calculated 320 

results, as shown in Fig. 12. The relationship thus can be expressed in an exponential function, as 321 

shown in Eq. (7).  322 

( )33

eq
/7.07.0 DD

b
==  ;         8.02.0                                   (7) 323 

7.3. Position of Resultant Force Point 324 

(a) Compression side 325 

Numerical results show that the von Mises stress distributions in the concrete reached the peak 326 

value near the chord crown and exhibited a good symmetry on the two sides of the peak value, as shown 327 

in Fig. 13. By integrating the first and second equations of Eq. (4) which represents the shear stress 328 

distribution on the compression and tension side respectively, the resultant shear force on both 329 

compression (Fc-steel) and tension sides (Ft) can be obtained. It is found that Ft is almost ten times 330 

of Fc-steel. As for the force equilibrium, resistant force provide by concrete (Fc-concrete) can be determined 331 
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as 0.9 Ft, where Fc-concrete=Ft - Fc-steel=9 Fc-steel=0.9 Ft, which means the inner concrete provides almost 90% 332 

of the resistant force on the compression side. Therefore, it is reasonable to assume that the resultant 333 

force point (Oc) of the compression side is located on the chord crown for simplification, as shown in Fig. 334 

7(b). In addition, the value of the vertical distance from Oc to the neutral axis (Zc) is 335 

( )
b1b

206.02/cos1 DD −  . 336 

(b) Tension side 337 

The resultant force point on the tension side (Ot) is shown in Fig. 7(b). Substituting Eq. (4) and 338 

the value of Zt can be calculated from Eq. (8). 339 

b

eqτ

eqτ

t
533.0

d

d

eq

eq

t

D
Sf

Szf

Z =









                                                   (8) 340 

where Zt is the vertical distance from Ot to the neutral axis, eq
S is the equivalent calculation area 341 

determined above, as shown in Fig. 11, and zt is the vertical distance from the calculation point to the 342 

neutral axis. 343 

(c) Internal lever arm of the section 344 

The internal lever arm of the moment section is the sum of Zc and Zt. The value of Zt calculated 345 

from Eq. (8) is approximately equal to 0.533Db. Therefore the internal lever arm can be determined to 346 

be 0.739Db (=Zc+ Zt), which is equivalent to 0.658π expressed by angle parameter (θt), shown in Fig. 347 

7(b). To simplify the calculations, θt can be taken as 2/3π, and then the internal lever arm can be 348 

determined as follows: 349 

( )
bt

b

4

3
cos1

2
Dθ

D
Z =−=

                                                   

 (9) 350 

7.4. Maximum Shear Stress 351 

From the experimental observations, the punching shear failure (shear-dominated fracture) has 352 

been shown to govern the mechanical behaviour of the connections. In most cases, the load 353 

corresponding to the first through thickness fracture crack was the maximum strength of the 354 
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connections. The first failed element reaches the maximum shear stress (fv,tmax) under the triaxial stress 355 

state corresponding to the equivalent plastic strain on the fracture criterion failure surface. In fact, the 356 

fv,tmax is lower than the ultimate shear strength (fu,v) determined under the pure shear stress state. It is 357 

because the existence of normal stress caused by chord bending will adversely affect the failure shear 358 

stress of one element. The fv,tmax/ fu,v ratio for the first failed element is plotted against the connection 359 

strengths obtained from the FEA results in Fig. 14. Generally, fv,tmax is 88% fu,v (0.88 fu,v) among 21 360 

finite element models.  361 

7.5. Design Equation 362 

The ultimate strength at the shear-dominated fracture failure for the plain or concrete-filled CHS 363 

connections under in-plane bending is considered as the sum of the shear stress multiplying its vertical 364 

distance to the neutral axis on the failure face. The specified analytical model is shown in Fig. 7(b). Eq. 365 

(10) is proposed to calculate the ultimate strength:   366 

 ZFSzfM == 


tV,eqθτu
d

eq

                                                                        (10) 367 

where Mu is the ultimate moment strength, fτ is shear stress distribution function, expressed by Eq. (4), 368 

FV,t is the total shear force of the failure face on the tension side, expressed by Eq. (11), and Z is the 369 

internal lever arm, expressed by Eq. (9). 370 

The value of FV,t can be calculated by integral Eq. (4) on the failure face in tension side. 371 

Substituting Eq. (4), the FV,t can ultimately be written as Eq. (11). 372 

 

( ) ( )

( ) tDf

ftDSfF

btmaxv,eq

τbeqeqτtV,

1π
96

49

d1d
1

eq








+=

+== 


    

(11)

 

373 

As shown earlier, fv,tmax can be taken as 88% of the ultimate shear strength fu,v, that is fv,tmax= 0.88 fu,v = 374 

0.88 ×0.75Fu [32]. Then, by substituting Eqs. (7), (9) and (11), Eq. (10) can be rewritten as Eq. (12).  375 
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D
M

2

bu

3

b

u
56.079.0


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

















+=  (12) 376 
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where Mu is the ultimate moment strength; Db is the brace diameter; D is the chord diameter; Fu 377 

is the steel ultimate tensile strength for the chord; t is the chord wall thickness. 378 

The ultimate strengths predicted by Eq. (12) for T-connections (Mu) are compared with the 379 

experimental and FEA results in Tables 5 and 6, with the mean value of Mu/MExp (Table 5) and Mu/MFEA 380 

(Table 6) being 0.68 and 0.80, respectively. In general, Eq. (12) gives a conservative prediction for the 381 

ultimate in-plane bending strength of the composite T-connections. This result may be attributed to 382 

neglecting the effects of the weld in the proposed equation. If the weld width, as shown in Figs. 2 and 7, is 383 

considered by including the width into the calculation for an equivalent fracture failure area and an internal 384 

lever arm, the mean values of Mu_Weld/MExp and Mu_Weld/MFEA are 0.82 (Table 5) and 0.98 (Table 6), 385 

respectively. In addition, FE models without welds were also established and the results were compared 386 

with the corresponding calculated strengths from the proposed equation. The comparison between 387 

numerical and calculated results, as shown in Table 6, demonstrates a good correlation with the mean 388 

value of Mu/MFEA being 0.97. Despite this, the weld cannot be neglected during the investigation of 389 

shear stress distribution and mechanical behaviour, since the presence of weld will affect the geometry 390 

of failure face and shear stress profile.  391 

However the influence of weld width will significantly decrease as the brace diameter 392 

increases, the absence of weld width in capacity calculation can be considered as the safety reserve for 393 

the sudden tube-wall fracture failure. Besides that, the accurate weld width is difficult to consider. 394 

Therefore, it is reasonable to recommend Eq. (12) as a design equation. It should be noted that some 395 

parameters used the deduction procedure for the proposed design equation, Eq. (12), are derived from 396 

numerical analysis. Therefore the applicable range should be in accordance with the parametric study, 397 

namely 0.20 ≤ β ≤ 0.60, 30.0 ≤ γ ≤ 75.0. 398 

8. Conclusions 399 

Experimental and numerical studies were conducted on the mechanical behaviour of concrete-filled 400 

CHS connections subjected to in-plane bending. All the test specimens were failed in punching shear 401 

failure mode, since the inner concrete could effectively restrain the inward chord wall deformation. 402 
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Therefore deformation limits recommended by CIDECT-1 [11] could be satisfied. It has been shown 403 

that the inner concrete effectively supports the chord wall in compression side, which means the 404 

contribution from the concrete should be considered in the sectional moment resistance. On the basis of 405 

both experimental and numerical investigations, new design equations based on metal fracture 406 

mechanism for concrete-filled CHS connections under in-plane bending were proposed. The actual shear 407 

stress distributions, the effects of curved failure faces and the participant of inner concrete in the 408 

sectional resistance were considered in the proposed design equation. The comparison indicated that the 409 

design predictions agreed well with both the test and FEA results.  410 
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Notation  488 

The following symbols are used in this paper: 489 

A           = parameters of material strain hardening; 490 

c1                = friction coefficient in Mohr-Coulomb model; 491 

c2                = shear stress resistance in Mohr-Coulomb model; 492 

D = outer diameter of the chord member; 493 

Db = outer diameter of the brace member; 494 

econ = flow potential eccentricity in the concrete damaged plasticity model; 495 

Es = Young’s modulus of steel;  496 

Ec = Young’s modulus of concrete; 497 

fbo, fco = initial equibiaxial compressive yield stress and initial uniaxial compressive yield stress in 498 

the concrete damaged plasticity model; 499 

fc = concrete compressive design strength; 500 

fcu = concrete compressive cube strength; 501 

fu,v = ultimate shear strength of steel; 502 

fv,cmax = the maximum shear stress on the punching shear face at the compression side; 503 

fv,tmax = the maximum shear stress on the punching shear face at the tension side; 504 

fτ = shear stress distribution on the punching shear face; 505 

Fy = yield strength of steel; 506 

Fu = ultimate strength of steel; 507 

FV,t = the total shear force on the tension side of the failure face; 508 

Kc = ratio of the second stress invariant on the tensile meridian to that on the compressive 509 

meridian in the concrete damaged plasticity model; 510 

MAISC = ultimate bending strength calculated from AISC 360-10; 511 

Mu = design ultimate bending strength calculated using the proposed equation; 512 

MExp = ultimate moment load obtained from experimental results under in-plane bending; 513 

MFEA = ultimate bending strength obtained from FEA; 514 

Mu_Weld = design ultimate bending strength calculated using the proposed equation considering the 515 

weld width; 516 

n            = parameters of material strain hardening; 517 

Qf = coefficient specified in the AISC 360-10; 518 

St = the total area of the punching shear failure face at the tension side; 519 

Z = internal lever arm of the moment section;  520 

t =  chord-wall thickness; 521 
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tb = brace-wall thickness; 522 

Teq = equivalent thickness; 523 

pl

u  = effective plastic displacement; 524 

pl

pu  = effective plastic displacement at the failure point; 525 

f = elongation (tensile strain) after fracture based on a gauge length of 50 mm; 526 

fε  = the equivalent strain at the point of fracture;  527 

pε  = the equivalent strain; 528 

ΔB = measured chord wall deformation at point B in Fig. 1. 529 

 = ratio of brace outer diameter to chord outer diameter; 530 

γ = ratio of chord outer radius to chord thickness; 531 

τ = ratio of brace thickness to chord thickness; 532 

θ = the angle parameter defined in Fig. 7(b); 533 

𝜃̅            = Lode angle parameter (normalized Lode angle); 534 

θ0, θ1, θ2 = the position of fv,cmax, neutral axis and fv,tmax expressed by the angle parameter in Fig. 535 

7(b), respectively; 536 

μ = viscosity parameter in the concrete damaged plasticity model; 537 

μeq = a coefficient related to St, Db and t; 538 

Фs = dilation angle measured in the p-q plane in the concrete damaged plasticity model; 539 

η = stress triaxiality.  540 
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 6 

Fig. 1 Test set-up for specimens subjected to in-plane bending (Unit: mm) 7 
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 28 

Fig. 2 Failure mode of test specimen T-240-4-203-8 29 
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Fig. 3 Moment-deformation curves for test specimens 43 
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 45 

(a) Mesh sensitive analyses 46 

 47 

(b) MSF sensitive analyses 48 

 49 

(c) Ratio of ALLIK to ALLIE 50 

Fig. 4 Sensitive study of model parameters (T-240-5-203-6) 51 
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Fig. 5 Finite element model 68 
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Fig. 6 Effect of c1 on the results of numerical models 77 
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 86 
Fig. 7 Analytical model of punching shear for in-plane bending connections   87 
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(a) Plain CHS connection (b) Concrete-filled CHS connection 
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    98 

              (a) T-240-4-110-6                                                    (b) T-300-4-150-8     99 

Fig. 8 Shear stress distribution in the punching shear failure face 100 
 101 
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 103 

(a) Diameter ratio of brace to chord, β 104 

 105 

(b) Ratio of chord diameter to radius, γ 106 

 107 

(c) Tube-wall thickness ratio of brace to chord, τ 108 

Fig. 9 Influence of geometric configurations on the shear stress distribution  109 
  110 
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(a) Values of parameter θ0 for T-connection FEA model 

 

  
(b) Values of parameter θ1 for T-connection FEA model 

 

  
(c) Values of parameter θ2 for T-connection FEA model 

 

Fig. 10 Parametric study on angle parameters 116 
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 129 

Fig. 11 Equivalent punching shear failure face 130 
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 138 
Fig. 12 Effect of β on equivalent area correcting parameter μeq 139 
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(a) T-300-5-140-6 158 

 159 

(b) T-240-4-110-6 160 

Fig. 13 The von Mises stress distribution in the inner concrete on the compression side 161 
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Fig. 14 Ratios of fv,tmax to fu,v 173 
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Table 1. Measured geometries, ultimate strengths and failure modes of the test specimens 

Specimens 

Chord  Brace   

β  
MExp 

kN·m 

Failure 

mode 
D 

mm 

t 

mm 

L 

mm 

Db 

mm 

tb 

mm 

Lb 

mm 

T-300-4-133-6 298.8 4.09 2002.1 134.2 6.08 630.2 0.449 50.72 CPS 

T-300-5-133-6 301.3 5.04 2001.8 133.9 6.09 630.4 0.444 52.98 CPS 

T-240-4-203-8 238.8 3.93 2001.3 201.9 8.07 630.1 0.845 108.90 CPS 

T-240-5-203-8 241.2 4.95 2000.9 204.1 8.06 630.1 0.846 124.93 CPS 

Note: D: Outer diameter of the chord, t: Wall thickness of the chord, L: length of the chord, 

Db: Outer diameter of the brace, tb: Wall thickness of the brace Lb: length of the brace, β:  the 

chord diameter ratio Db/ D, and CPS: Chord punching shear.  
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Table 2. Measured mechanical properties of the test specimens 

Steel 

Nominal 

thickness 

(mm) 

Fy 

(MPa) 

Fu 

(MPa) 

Es 

(GPa) 

εf 

(%) 

Q345 (Chord) 4.0 452 547 2.04×105 27.7 

Q345 (Chord) 5.0 385 513 2.04×105 31.8 

Q345 (Brace) 6.0 408 549 2.00×105 32.0 

Q345 (Brace) 8.0 436 520 2.02×105 33.7 
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Table 3. Comparison of the AISC 360-10 strengths and the test results  

for connections subjected to in-plane bending 

Specimens 
MExp 

(kN·m) 

MAISC 

(kN·m) 

MAISC,Punching 

(kN·m) Exp

AISC

M

M
 

Exp

PunchingAISC,

M

M
 

T-300-4-133-6 50.72 14.07 19.19 0.28 0.38 

T-300-5-133-6 52.98 16.75 20.43 0.32 0.39 

T-240-4-203-8 108.90 36.66 44.70 0.34 0.41 

T-240-5-203-8 124.93 43.64 47.60 0.35 0.38 

   Mean 0.32 0.39 
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Table 4. Parameters of MMC criterion used in finite element models 

Steel 
Fy 

(MPa) 

Fu 

(MPa) 

Coefficients 

c1 
c2 

(MPa) 

A 

(MPa) 
n 

In validated 

FE models 

Chord  

4.0 mm 452 547 0.12 410.3 865.5 0.163 

5.0 mm 385 513 0.12 384.8 845.0 0.181 

Brace  

6.0 mm 408 549 0.12 411.8 882.3 0.179 

8.0 mm 436 520 0.12 390.0 822.5 0.161 

In parametric study models 

298 427 0.12 320.3 693.7 0.207 

450 560 0.12 420.0 836.2 0.141 

495 640 0.12 480.0 951.2 0.139 
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Table 5. Comparison of the proposed design strengths to both FEA and test results  

Specimens 
MExp 

kN·m 

MFEA 

kN·m 

Mu 

kN·m 

Mu_Weld 

kN·m 

MFEA  

/ MExp 
Mu 

/ MExp  

Mu_Weld 

/ MExp  

T-300-4-133-6 50.72 43.11 32.46 38.81 0.85 0.64 0.77 

T-300-5-133-6 52.98 50.36 38.06 45.50 0.95 0.72 0.86 

T-240-4-203-8 108.90 115.32 101.79 120.03 1.06 0.93* 1.10* 

T-240-5-203-8 124.93 128.96 119.32 140.71 1.03 0.96* 1.13* 

    Mean 0.90 0.68 0.82 

*Note: The value of β for these specimens are beyond the application scope of proposed 

equations, therefore they are not used in calculating the mean value. 
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Table 6. Comparison of proposed design strengths and FEA results 

Specimens 
Fy 

(MPa) 

Fu 

(MPa) 

MFEA 

(kN·m) 

Mu 

(kN·m) 

Mu_Weld 

(kN·m) 

Mu  

/MFEA 

Mu_Weld 

 /MFEA 

T-300-4-60-6 450 560 8.28 6.41 8.70 0.77 1.05 

T-300-4-100-6 450 560 23.18 18.16 22.74 0.78 0.98 

T-300-4-100-8 450 560 23.89 18.16 22.74 0.76 0.95 

T-300-4-133-6 450 560 42.48 33.24 40.81 0.78 0.96 

T-300-2-140-6 450 560 23.76 18.59 22.66 0.78 0.95 

T-300-3-140-4.5 450 560 34.88 27.89 34.00 0.80 0.97 

T-300-3-140-6 450 560 35.90 27.89 34.00 0.78 0.95 

T-300-4-140-6 298 427 37.45 28.35 34.56 0.76 0.92 

T-300-4-140-6 450 560 45.67 37.18 45.33 0.81 0.99 

T-300-4-140-6 495 640 52.76 42.49 51.80 0.81 0.98 

T-300-5-140-6 450 560 56.19 46.48 56.66 0.83 1.01 

T-300-5-140-7.5 450 560 58.31 46.48 56.66 0.80 0.97 

T-300-4-150-5 450 560 52.79 43.34 52.37 0.82 0.99 

T-300-4-150-6 450 560 53.27 43.34 52.37 0.81 0.98 

T-300-4-150-8 450 560 55.32 43.34 52.37 0.78 0.95 

T-300-4-180-6 298 427 62.42 50.41 59.78 0.81 0.96 

T-300-4-180-6 450 560 78.04 66.11 78.40 0.85 1.00 

T-300-4-180-6 495 640 89.63 75.56 89.60 0.84 1.00 

T-240-4-60-6 450 560 8.92 6.44 8.78 0.72 0.98 

T-240-5-60-6 450 560 9.98 8.05 10.98 0.81 1.10 

T-240-3-110-6 450 560 23.43 17.16 21.38 0.73 0.91 

T-240-4-110-6 450 560 28.36 22.87 28.51 0.81 1.01 

T-240-3-133-6 450 560 33.71 26.31 32.94 0.78 0.98 

T-240-4-133-6 450 560 42.4 35.08 43.92 0.83 1.04 

T-240-5-133-6 450 560 50.34 43.85 54.9 0.87 1.09 

T-300-4-60-6* 450 560 6.65 6.41 N/A 0.96 N/A 

T-300-4-100-6* 450 560 19.15 18.16 N/A 0.95 N/A 

T-300-4-140-6* 450 560 37.73 37.18 N/A 0.99 N/A 

T-300-4-150-8* 450 560 44.68 43.34 N/A 0.97 N/A 

    Mean     0.80 0.99 

    COV 0.043 0.046 

    Mean* 0.97 N/A 

    COV* 0.016 N/A 

* Note: FE models of connections without welds. 
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