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Abstract

Modular Integrated Construction (MiC) is a game changing construction approach which
could significantly increase construction efficiency, quality, and sustainability. For steel MiC
structures, modules are manufactured in the factories and assembled at the construction sites
through inter-module connections. The concern of the vulnerability of these connections under
abnormal hazards leading to disproportionate progressive collapse will impede industrial
applications of MIC structures in the construction community. This study investigates the
structural robustness of corner-supported modular steel buildings with the focus on different
inter-module connections. A sub-structure extracted from a five-storey module building is
analysed by high fidelity finite element analysis under the corner column removal scenario. The
load redistribution mechanism and failure modes are investigated thoroughly, based on which
the simplified macro model is proposed where connections are modelled with rotational springs.
Good consistence is found for the simplified model and the detailed FE analysis in terms of the
pushdown curve. It is also found that the inter-module connection types will affect the beam-
column joint properties which dominate the progressive collapse resistance of MiC structures.
Therefore, attention should be paid when selecting different inter-module connections. The

current rigid beam-column joint connection may lead to nonconservative evaluation.

Keywords: MiC structures; progressive collapse; inter-module connections, beam-column

joint; failure modes; component approach
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1 Introduction

Modular integrated Construction (MiC) structures were proposed several decades ago and
were adopted for many applications among Hong Kong [1], mainland China [2], Korea [3],
Singapore [4], Australia [5], UK [6], etc. Modules are manufactured in the factories under
controlled circumstance and therefore quality is believed to be ensured. They are transported to
the construction locations and assembled by cranes one by one. Noise can be significantly
reduced, resources can be efficiently used, and construction wastes can be minimized. It is an
innovative, clean, sustainable and environmentally friendly approach that could change the
construction industry, especially in the high-density urban areas with serious aging issues.

Though successfully applied to many projects, concerns still exist about the reliability of
connection systems [7] that could resist gravitational loadings, horizontal actions, and maintain
stable under abnormal events. As a new structural type with complex connections between
modular units through plates, bolts, shear keys, the safety of MiC structures must be carefully
ensured and demonstrated. The structural response of MiC structures under gravitational loads
using Vertorbloc connector connections were experimentally studied in Dhanapal et al. [8] and
it was found that rigid beam-column joint property can be assumed during design. Chen et al. [9]
and Chen et al. [10] experimentally studied the behaviour of a new type of inter-module
connection under lateral loading and discussed the effect of welding quality and stiffeners on
stiffness, strength and ductility. The global response of MiC structures under wind has also been
discussed in [11, 12] while that under earthquake action can refer to [13-15], and the effect of
connection properties on structural lateral behaviour was found to be significant. A
comprehensive review on the MiC structural response under different actions and hazards,
including transportation and construction loadings, ultimate strength design actions and service
loadings can refer to Lacey et al. [16].

Studies on the progressive collapse behaviour of MiC structures are relatively few compared
to other actions. To avoid the failure mode of “house of cards” as progressive collapse of Ronan
Point building [17], it is vital to explore its structural performance under abnormal actions.
Progressive collapse is a failure mechanism with extensive or total collapse of a building initiated
by disproportionate small events or local damage [18]. Under key element or module removal
scenarios, the collapse resistance of MiC structures should be provided both by modules and
connections between modules. Aromaa et al. [19] experimentally studied the contribution of

plaster-boarded wall inside modules to the integrity of a module itself through full scale test
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using modules with and without infilled walls. The shear capability of the walls was also
independently tested in [20]. Lawson et al. [20] studied the tensile demand of connections
through simplified mechanical analysis based on force equilibrium. For design purpose, they
recommended that the minimum horizontal force in any tie between the modules be taken as not
less than 30% of the total load acting on the module. However, the suggestion was proposed
based on an over-simplified model in which the module is suspended from its neighbours, which
ignored the effect of flexural bending acting as cantilever mechanism. Similarly, Alembagheri
et al. [21] studies the progressive collapse behaviour of MiC structures by numerical analysis,
adopting rigid blocks for modules and only translational springs for connections. Therefore,
failure of structures can only be induced by fracture of springs, rather than failure of modules,
e.g. yielding of beams or failure of intra-module connections. Chua et al. [22] investigated the
progressive collapse potential of a 40-storey steel frame MiC building, where horizontal
connections were assumed fully rigid and vertical connections were assumed pinned. Results
showed that the risk of progressive collapse is small. By analysing a five-storey MiC structure,
Luo et al. [23] concluded that higher rotational stiffness and tensile resistance of inter-module
connections could increase the collapse resistance.

Most of the above-mentioned studies focuses on only one inter-module connection type and
therefore whether the findings can apply to MiC structures with other types of connection are
questionable. Also, the beam-column joints within modules are usually assumed to be rigid for
the sake of simplicity and the inter-module connections are assumed to be pinned, semi-rigid, or
rigid. The complex interaction behaviour among the connection region is not fully understood.

Many different inter-module connections have been proposed in the past several years, either
simple or complicated. The present study focuses on a typical class of inter-module connections,
denoted as single rod/bolt connection and will be described in section 2.2, which have been
proposed or adopted in [12, 24-28]. The common basic structural behaviour of these connections
are to be investigated and discussed through high fidelity finite element analysis and simplified
mechanical models. It is hoped that this study could help the understanding on how the inter-
module connections affect the structural performance of the joint region and further affect the
progressive collapse resistance of steel MiC structures, and more importantly how to improve

the joint region to secure safety.
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2 Structural design and analysis setting
2.1 Global structure

Hospitals and healthcare facilities are often constructed using modular construction, either
for specialist rooms or as complete modular buildings [26]. Modular units used for the health
sector are usually relatively large with partially or fully open sides. A five-storey 6x6 MiC
structure is adopted as the studied structure (Figure 1). The building was assembled by a series
of identical corner-supported modules with 5 m long, 3 m high and 3 m wide. The design nominal
gravitational loads are shown in Table 1, where the dead load (Gk) consists of the self-weight of
structural members and a superimposed dead load to account for the placement of utilities, floor
finishes, etc. An extra beam line load equal to 5 kN/m is added to consider the effect of light
weight infilled walls. The live load (Qx) was taken as 2.0 kN/m? for floor slabs and zero for
ceiling systems. The structure is assumed to be located in Hong Kong, where the main lateral
action is wind load. The floor slabs were considered as typical concrete slab with a thickness of
100 mm. For each module, the designed section sizes for beams, columns and braces are shown
in Table 2 with material grade S355, which are determined in ETABS [29] with the assumption
that beam-column joints are rigid while column to column connections are pinned. The lateral
stability is provided by a bracing system. X-braces made of two steel bars with angle section
L120x10 are put on the middle modules at the perimeter of the building and inner modules inside
the building from the bottom storey up to the top, as shown in Figure 1. The size of braces was

determined to satisfy the lateral displacement requirement under wind loading in Hong Kong.
2.2 Connection systems

As shown in Table 2, hollow steel sections are adopted for both columns and beams. The
intra-module, or beam-column connections feature with fully butt welded with enough strength,
but without any reinforcement. As for inter-module connections, many types have been proposed
by different researchers in the past decade. Comprehensive introduction of them can refer the
several reviews papers, including Lacey et al. [30] with focus on bolted connection, Thai et al.
[31] with focus on structural requirement, and Srisangeerthanan et al. [32] with focus on
structural, manufacturing and construction performance. Among them, one class of connections
adopts one single rod or bolt to vertically tie the upper and lower modules, as shown in Figure 2.
The axial compressive force is transferred from the upper module to the lower module by the
hollow steel section, while the possible axial tensile force is transferred solely by the single rod

or bolt. The shear force among the modules can be resisted through adding a shear key, as shown
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in Figure 2(a), (b), and (c), or simply resisted by the bolt itself, as shown in Figure 2 (d), (e), and
(F). The moment resistance is provided by the coupling effect between the rod/bolt in tension and
the one side of the columns in compression due to contact. The horizontal connection between
modules can be realized through adding an intermediate plate, as shown in Figure 2 (c).

To study all the six connections shown in Figure 2 is too ambitious and faces the restriction
due to lack of detailed information in some of the corresponding references. In the following
section, four variants of the single rod/bolt connection mainly based on the connection shown in
Figure 2(a) [25] and Figure 2(d) [26] are considered to apply to the above-designed MiC building
structure shown in Figure 1, including two connections featuring with shear key connector and
two with bolt connector. It is believed that the adopted connections can represent the major

common features of this class of inter-module connections.

2.2.1 Shear key connection with or without column endplate

The first considered inter-module connection is an interlocking inter-module connection, as
shown in Figure 2(a) proposed by Lacey et al. [25]. The proposed connection consists of a shear
key combined with a tie rod located inside of the hollow steel sections for module columns. The
shear key is made up of two square hollow section smaller than the module columns welded to
a middle plate with a hole for the rod to pass through. Two plates are also welded inside the
columns to hold on the tightening of the connecting rod, while a rectangular access hole is opened
above the plates to install the rod at each column. Circular access holes could be opened instead
to reduce the adverse effect on the resistance as much as possible [33]. These two plates also
work as stiffeners for the beam-column joint region as they are aligned with the top flange of the
floor beam or the bottom flange of the ceiling beam. The inner section view of the connection
is also shown in Figure 3(a).

Based on preliminary analysis, it was found that the connection provided in [25] is
rotationally weak since there is no strong horizontal support for the column face connected to
the beams near the intermediate plate and yielding of the column face occurs first. To overcome
the shortcoming, endplates are added to the column ends, and the size of the shear key is adjusted
accordingly, as shown in Figure 3(b). A square hole is in the middle of the endplate to allow the
shear key to pass through, which is somehow similar to the connection described in Figure 2(c)
[12]. Better structural performance can be assumed if circular hollow section for the shear key is

adopted and then the hole in the endplate is adjusted to circular [34].
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2.2.2 Bolt connection with or without stiffeners

A single bolted vertical connection is described in Lawson et al. [26], as shown in Figure
2(d). The connection is accomplished by the bolt connecting the endplates of the top and bottom
column through an intermediate connecting plate Figure 3(c). Usually access holes in the
columns are required to tighten the bolts. No internal stiffeners are added in the columns. This
connection is considered as the third connection to be analysed later.

The last connection considered is a bolted connection similar to the third connection. The
only difference is that internal stiffeners in the columns at the level of beam flanges are added to
enhance the beam-column joint region, as shown in Figure 3(d), which is somehow similar to
the connection shown in Figure 2(f). It is noteworthy that the internal stiffeners in the tubular
column is not desirable in terms of cost efficiency and field application because of the
complication involved in the process of welding diaphragms to the hollow steel tube with closed
cross-section [35]. Welding of internal diaphragms requires considerable skill [36]. Several
fabrication processes are available for the internal stiffeners. For example, if the column is made
of four steel plates vertically welded, the continuity plate can be welded after three-sides of
column are attached, and the fourth dimension of column is performed later [37].

The four connections are labelled as “KS”, “KSE”, “BE”, “BSE”, respectively, to facilitate
further demonstrations, where character “K”, “S”, “E”, “B” represent the shear key, stiffener,
endplate, and bolt, respectively.

The above-described four connections are adopted for column-to-column connection at the
external of the MiC building in the two-dimensional manner. It can be adjusted to fulfil the
requirements for connection in internal connections and roof connections, as shown in Figure 4
for the “KS” case. Extension of the last three connections for internal and roof inter-module

connections can refer to Figure 4, which is trivial and is not shown further.

3 Numerical analysis approach

Experimental test of progressive collapse of multi-storey modular buildings cannot be
conducted easily due to the costly procedure and the required advanced facilities. Hence, the 3D
finite element analysis approach is the most widely used method to study the behaviour of
progressive collapse of structures. Key assumptions, FE modelling methodology, and loading
and analysis procedure adopted in the present study for efficient analysis will be demonstrated

in this section.
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3.1 Key assumptions

3.1.1 Corner column removal scenario

To analyse progressive behaviour of buildings structures, there are usually two analysis
approaches: threat-dependent approach and threat-independent approach [38]. Threat-dependent
approach requires direct incorporating the initiating event such as gas explosion, vehicle impact,
etc. during the mechanical analysis of the structure so that the whole process of structure
behaviour can be demonstrated. However, the information of the events, such as equivalent
amount of explosive materials, stand-off distance, impact velocity, contact surface area, etc.
should be investigated first and it is uncertain about the exact values before the occurrence of the
events. On the other hand, threat-independent approach allows notional removal of a key element
inside the structure and then to assess the subsequent response of the structure under the
gravitational loading. It is believed that as long as alternative load paths in the structure can be
provided under key element removal scenarios, the structure can arrest progressive collapse
under different kinds of initial hazards. Therefore, using threat-independent method can simplify
the analysis process.

Columns in a building structures support the gravitational loading transferred from slabs
and beams and therefore loss of a column would usually lead to more devastating consequence
than removal of a beam or a part of slab. After the collapse of the twin towers of World Trade
Center [39], General Services Administration [40] requires column removal as the design case
for progressive collapse design of federal buildings, where corner columns, penultimate columns
and external columns at the side of the layout of the building should be removed to check the
collapse potential. He et al. [41] and Kim et al. [42] concluded that the external corner column
is the most dangerous removal scenarios among others for concrete frame structures and steel
frame structures, respectively. Therefore, a corner column removal scenario would be considered
here and finite element analysis would be carried out to study the progressive collapse behaviour
of MiC structures. In the finite element model, the corner column is notionally removed, while

the joints at the top and bottom of the column are maintained intact, as shown in Figure 5.

3.1.2 Sub-structure model

The most accurate finite element analysis approach is three-dimensional nonlinear dynamic
analysis of a structure given a sudden column removal scenario. However, nonlinear dynamic
analysis is computationally cost-expensive. Nonlinear static analysis or pushdown analysis [43],
where the specified gravitational loading at the damaged bays is increased gradually with a
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proportion factor until failure, provides an alternative analysis approach. The nonlinear
behaviour of the structure and the load re-distribution and resisting mechanisms can be
straightforwardly identified by pushdown analysis. The maximum loading factor obtained from
the pushdown analysis is the progressive collapse resistance of the structure.

However, even pushdown analysis of a whole MiC building structure with multiple spans
and storeys is still very time-demanding. For progressive collapse analysis of a concrete bare
frame structure, it was found that sufficient accuracy (error less than 5%) can be obtained when
using a sub-structure located on the neighbouring one-bay region surrounded by the removed
column [44] using solid elements. The difference is also negligible when slab is included in the
analysis [41] where beam element for beams and columns, and shell elements for slabs were
applied. Furthermore, it is also found that the collapse resistances are similar after removal of a
column at different storeys along the height of a building if the structural design at each storey
is similar (for example, the structural configuration and the superimposed loadings) [41], which
is the case for steel MiC structure. Therefore, a two-storey substructure with one and a half bays
were modelled as shown in Figure 5, which is sufficient to show the structural behaviour of the
building against progressive collapse. The inter-module connections at the top are adjusted to
the corresponding roof connections. To further simplify the analysis, only the planer frame is
extracted from the building to study the effect of different inter-module connections on the load
resisting mechanism and capacity of the structure in the context of progressive collapse. Three-
dimensional effect due to the existence of slab and spatial effect should be investigated in future

study.
3.2 FE model and validation

The FE model is analysed by ABAQUS [45] with solid elements for beams, columns and
connections. The software has been adopted to simulate progressive collapse behaviour of beam-
column sub-structure by other studies [46, 47]. The C3D8I element is adopted for all members
since it can consider flexural deformation by using fewer number of elements compared to the
C3D8R element in the thickness direction. The mesh size is between 4 to 200 mm, where it is
finer around the joint region (Figure 6) and coarser at the middle of beams and columns. One
element is adopted in the thickness direction for beams and columns. As for the material, Grade
S355 steel was used for all the beams, columns, plates, and shear keys, and M8.8 bolts were
adopted. Elastic-plastic with isotropic hardening property are adopted for all materials. General
contacts were defined for the interfaces between the bolts, shear keys, beams, columns and
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intermediate plates. Welds were modelled as tie constraints between different parts. A small
force was imposed on the bolt to solve the convergence issue.

It should be noted no tests have been carried out for the four inter-module connections in
the context of progressive collapse by the authors and others. Only the load-slip behaviour
between the shear key and the intermediate plate in the horizontal direction had been tested for
the KS connection by Lacey et al. [25], where the initial stiffness and the slip factor were studied.
Figure 7(a) shows the joint configuration, and Figure 7(b) illustrates the experimental
deformation and the simulated deformation using the modelling strategy discussed in this section.
The experimental and simulated force-slip curves shown in Figure 7(c) for two specimens match
well with each other in terms of initial stiffness and slip resistance, justifying the accuracy of the
numerical model.

To further validate the finite element model, experimental tests of two inter-module
connections designed and tested in Chen et.al [9] (external) and Chen et.al [10] (internal) under
lateral loading were analysed, as shown in Figure 8. The configurations of the connections are
shown in Figure 8(a). Hollow steel section was adopted for all the beams and columns. The
vertical continuity is provided by the bolts at the end of beams with diameter equal to 24mm
supported by three steel plates at the top, middle and bottom, respectively, while the horizontal
continuity is provided by the shear key. Further detailed information about the specimens is
shown in Figure 9 and Table 3. Both the two specimens were loaded with an axial compressive
force equal to 0.2 times of the corresponding compressive capacity of the specimens first and
then laterally pushed until failure, as shown in Figure 8(b). Using the similar setting of the
material, element and meshing, finite element analysis was carried and the obtained deformation
of the two specimens are shown in Figure 8(c). Lateral load-displacement curves obtained from
the tests and simulations are also shown in Figure 8(d). The initial stiffness and yielding strength
are well captured by the finite element analysis. The experimental curves demonstrated a
decreasing trend after reaching the peak loading resistance due to cracking of the welding
between the beams and columns. In the finite element model, damage of material/element was
not defined and therefore such behaviour was not captured. Since in our connections welding is
assumed to be strong enough and cracking will not occur, the finite element model is deemed to
be sufficiently accurate for further analysis.

3.3 Loading and analysis procedure

During the analysis, the load combination is (specified in [48, 49])
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Half of the loads on the floor and ceiling levels are considered for the sub-structure. The
boundary conditions at the ground level are fully fixed, while that the rightmost beam ends are
rotationally pinned in the plane of the structure. It is assumed that the loads at each storey are
solely resisted by the beams at the storey and therefore no extra load is added to the sub-structure
transferred from the upper stories. And since the rotational stiffness of the column-to-column
connection is relatively small compared to the hollow column section, no extra restraint is
imposed on the top of the sub-structure.

Implicit dynamic analysis was carried where loads are gradually imposed on the beams at
the first bay only due to convergence issue. And only the failure bays were loaded to explore the
progressive collapse resistance of the structure. The vertical displacement of the point in the
middle of the external floor joint above the removed column was recorded, as well as the loading
factor o defined below

a = Total Load /(Gy + 0.5Qy) @)
where TotalLoad represents the total load applied on the structure. The analysis is stopped when
the vertical displacement of the monitored node exceeds an allowable value. The criterion of
0.2L is specified in the tie force method in DoD [50], where L is the span length of a module,
with the assumption that a tensile catenary action can be activated at relative large deformation,
which can be interpreted as failure of beams or intra-module connections. However, in the
current study, only corner column removal scenario is considered, and that no tensile catenary
mechanism will be formed. The fracture of welding is not considered and it is unsure whether
the weld is intact when the deformation is extremely large, as detected in some experimental
tests [51]. Therefore, the allowable displacement is determined to be 0.1L, which is believed to
be large enough for the structure to develop fully plastic hinge at the members or joints. Here L
is 5.0 m. Therefore, a vertical displacement of the node above the removed column equal to 0.5

m demonstrates failure.

4 Analysis results
4.1 Global deformation

Figure 10 shows the global deformation of the substructure at the final stage when using the
shear key connection (KS) without endplate. The stress at the beams and columns are small. For

example, the Mises stress at the topmost fiber at the middle of the ceiling beam at the second
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storey is merely 55 MPa, and that at the one-fourth location is 120 MPa. By contrast, large stress
and strain occur at around the joint region (355 MPa in the external roof joint region). The stress
at the second half bay is very small and therefore is not shown in figure 10.

Figure 11 shows the pushdown curve (load-displacement curve) at the monitored node
(shown in Figure 5) of the sub-structure, featuring with nearly bilinear behaviour. The sequence
of yielding locations at the six beam-column joint region of the sub-structure is shown in Figure
10 and Figure 11. When the vertical displacement of the monitored node reaches at about 0.05m,
yielding firstly occurs at the right floor beam-column joint region at the second storey (marked
as (1) in Figure 10). The criterion of yielding is defined as that the equivalent plastic strain
(PEEQ) is larger than 0.001 in not less than 3 integration points in not less than four C3D8I solid
elements to reduce the effect of premature assessment of yielding due to local effect. It signifies
the end of elastic stage of a joint region rather that the fully strength stage. After the first yielding
location, yielding occurs at the right ceiling beam-column joint region at the second storey ((2))
and then that of the first storey (@). Subsequently, yielding occurs at the left floor beam-column
joint ((®) and left ceiling beam-column joint region ((5)) at the second storey when the
monitored displacement reaches about 0.1 m. The left ceiling beam-column joint at the first
storey begins to yield ((6)) when the displacement reaches 0.2 m at the second branch of the
nearly bilinear shape of the pushdown curve, demonstrating that the sub-structure enters the stage
where stiffness is mainly provided by the hardening of the joint regions.

Figure 12 shows the pushdown curves for all the four connections considered. The collapse
resistance at the failure criterion for the KS, KSE, BE, BSE connections are 0.45, 0.99, 0.58, and
0.90, respectively. It is observed that by adding endplates for the shear key connection or adding
stiffeners for the bolted connection could significantly increase the collapse resistance. The

detailed mechanisms will be explained in the next subsection.
4.2 Local deformation and failure modes

Figure 13 shows the local deformation at the external floor joint seen from outside and
inside. For the KS connection, the stress localizes at the floor beam end and upper column side
wall and face. For the floor beam-column joint, the plastic strain localizes at upper column face
and the top of floor beam, due to a lack of horizontal resistance of the column face. Situation is
similar for the ceiling beam-column joint. The strain in the shear key is very small and is not
shown in Figure 13(a) to demonstrate the strain at the column face clearly. It can be found that

the compressive force of the floor beam top flange produced by the beam end moment is resisted
M-11/25
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by the stiffener, while the tensile force is transferred to the column face and then to the column
side walls. The stiffness of the column face in bending is small, leading to large deformation on
it. Apparent failure mode of column face in bending is shown. Fully strength of the floor beam
cannot be accomplished.

For the KSE connection, the stress localizes at the floor beam end and the column side walls.
The compressive force of the floor beam top flange produced by the beam end moment is resisted
by the stiffener, while the tensile force is transferred to the column end plate and then to the
column side walls. The plastic strain localizes at the floor beam ends at top flange due to the
compression force and at bottom flange due to the tensile force. Therefore, the beam flexural
strength can be realized, and the failure mode is beam end yielding. The bolt is in large tension
and it yields at the two ends due to local effect, signifying the bolt in tension failure mode.

For the BE connection, three possible failure modes can be detected. Firstly, due to lack of
stiffeners at the level of beam top flange, the compression force produced by the top flange of
the floor beam leads to significant bending deformation of column face, showing large plastic
strain at that location. Situation is similar for the ceiling beam-column joint. Secondly, stress
localizes around the access hole at the front column side wall, leading to potential shear failure
of the column side walls. Thirdly, the connecting bolt yields due to the tensile force.

For the BSE connection, the stress localizes at the top floor beam end, as well as the column
side walls. The plastic strain localizes at the floor beam ends at both top and bottom flanges. The
strain at the intact column side wall is also large, signifying that column side wall is in shear
yielding stage. The bolt is in large tension and it yields, signifying the bolt in tension failure
mode.

The local deformation of the joint region at different locations for connection KS is shown
in Figure 14. All the failure modes are column face in bending. Relative horizontal displacement
of the column-column connection is also observed due to the tolerance between the bolts and
holes and that between columns and shear keys as shown in Figure 14(d). Yielding even starts
to occur at the end of the bolts for the connections between the first floor and second floor. The
strain in the horizontal connecting plates is small. Similar findings are also observed in other
three types of connections and therefore their local deformation is not shown here.

It should be noted that European Committee for Standardization [52] lists several failure
modes for hollow section joints, including (a) chord face failure, (b) chord side wall failure by

yielding, crushing, or instability, (c) chord shear failure, (d) punching shear failure, (e) brace
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failure, (f) local buckling at the joint location, where the chord and brace member can be
interpreted as column and beam here. Some of them are not observed in the FE analysis due to
the modelling assumptions and parameter setting. The observed failure modes at the joint region

for the four inter-module connections are summarized in Table 4.
4.3 Load resisting mechanism

Based on the global and local deformations, the load resisting mechanism is shown in Figure
15. The total overturning moment relatively to the point O shown in the figure is resisted by two
parts, cantilever beam mechanism and Vierendeel mechanism [53, 54]:

QL

2 = Mpeam + Myiereendeet

3)
= (Mcb,l + Mgp, + Mcb,z) + TepH

where Mcb,i and M, represent the moment resistance of the right end of the ceiling beam and
floor beam at the i-th storey, including the with consideration of the potential partial strength of
joints; and Teb,i and T, represent the tensile force of the right end of the ceiling beam and floor
beam at the i-th storey. The second part of the right-hand side of Eq. (3) is induced by the
Vierendeel effect of the beams and columns intersecting to each other at the left part of the sub-
structure, and its magnitude is controlled by the strength of the ceiling beam-column joint, floor
beam-column joint, and the column-column connection. Thus, the total collapse resistance is
provided by all the beam-column joints and column-column connections.

It should be noted that six hinges are enough to form a geometrical unstable mechanism for
the left part of the structure shown in Figure 15. The formation of the three plastic hinges at the
right end of the three beams and the two plastic hinges at the left end of the beams at the second
storey are predictable. Due to the small distance between the column-column connection and the
ceiling beam-column joint immediately above the removed column, only one of them which
shows smaller strength would fail. Therefore, a total number of six plastic hinges would occur at
the final failure stage. The total load that the sub-structure can hold can be estimated by

Q = 2(min(Mcp,1, Mce) + M1 + 2Mep 5 + 2Myy, 5 ) /L 4
where M. is the moment resistance of the column-column connection.

4.4 Contact of double beams

It is theoretically difficult to estimate the contact effect between the middle two beams. It
depends on the one hand on the sectional stiffness of the two beams and the corresponding loads,

on the other hand, it also depends on the rotational angles at the joint regions at the two ends.
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According to the solid element model, the contact normal and frictional forces between the
middle two beams are small. The maximum contact stress is 6.3 MPa (Figure 16). Eliminating
the interaction definition between the bottom face of the floor beam at the second storey and the
upper face of the ceiling beam at the first story leads to almost the same collapse resistance at
the allowable displacement, although the two beams do intersect to each other with the maximum
value equal to about 20 mm. The difference of collapse resistance is smaller than 1%. Progressive
collapse resistance is not significantly changed because of contact between beams.

The phenomenon can be explained as follows: If a point load is imposed on the monitored
node until that large plastic deformation occurs at the beam ends, the two beams behave like two
straight lines as the plastic rotational angles at the end of the two beams are equal. Since
distributed loads are imposed on both the ceiling beam and floor beam, and the ratio of relative
deflection (gmL*/Elm)/(qeL?/Elev) is equal to 1.62 which is larger than 1.0, representing that the
deflection of the floor beam is larger than the ceiling beam, where q is the distributed load,
subscripts f and c» refer to floor beam and ceiling beam, respectively. When the difference of the
deflection is over the gap between the two beams (10 mm in the study), the local contact force
would push the ceiling beam downward and contact stress is produced. However, due to the
weak stiffness of the joints after yielding, the contact stress is small.

5 Simplified model

High fidelity finite element analysis requires enormous simulation effort, and it is
computationally impractical for full large structures for everyday design. It is necessary to
propose simplified macro model for quick assessment of structural behavior and collapse
resistance under column removal scenarios based on potential failure modes. In this section
modelling approaches for the failure modes listed in Table 4 will be presented. The relative
horizontal displacement between upper and lower columns due to the tolerance is not considered
for the sake of simplicity, which requires further study in the future.

Figure 17 shows the simplified model proposed featuring with the floor beam-column joint,
ceiling beam-column joint and column-column connection. Both the beam-column joint can
incorporate a series of components representing the failure models observed in the detailed finite
element analysis, since their effect is significant based on the local deformation from FE analysis.
Other components not shown in Table 4 could also be included to provide better simulated results.

Bilinear behavior is assumed for all the components with the properties of initial stiffness

and yielding resistance. Due to the irregular shape, some of the properties of the components are
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not provided in EN 1993-1-8 [52]. Mechanisms to calculate these properties are demonstrated in

the following subsections.
5.1 Shear key connection without endplate (KS)

The geometrical information of the connection is shown in Figure 18, where the sectional
height, sectional width, thickness of the tube of the column and beam are ho, hi, bo, b, to, t1,
respectively.

5.1.1 Column side walls in shear

Although the failure mode column side walls in shear (cws) is not observed in the finite
element analysis for the structure with KS connection, the model to estimate the moment
resistance of the failure mode is still provided for comparison with other connections. The model
for the column side wall shear component is shown in Figure 19(a), which is similar to the
column web shear component for | sections [55]. The shear area Av is approximated as

A, = 2(hg — to)to ®)
The rotational strength is

A h, —t
M, = vfy(\/l§ 1)

where fy is the yielding stress of the steel material and it is assumed to be the same for all the

(6)

structural parts here. The rotational stiffness of the shear panel zone is approximated as [55]
Kews = GAy(hy — t1) ()

where G is the shear modulus of the steel material.
5.1.2 Column face in bending

The yielding line mechanism in the column face in bending component is shown in Figure
18. Denote S=b1/bo, n=h1/bo, and the moment capacity per unit of the column and beam plate are
mo and my, respectively, the internal dissipated energy for each yielding line (number shown in
Figure 18) is shown in Table 5.

The total dissipated energy is

1+pmy/my  8n
By = mod - +1_ﬁ) ()
The external work done by the moment is
)

Equating Eqg. (8) and (9), the moment is obtained as
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1+,8m1/m0+ 8n ) (10)

U] 1-p
The moment capacity per unit can be calculated as m =fyto?/4.

M =m0h1(

Calculation of the initial stiffness based on the elastic thin slab theory is very difficult. Here
an alternative approach is adopted. The axial stiffness of a small rectangular plate to a larger long
plate with two opposite sides being fixed (Figure 20) due to tensile force perpendicular to the
larger plate can be calculated as [56]

Et} ti/bo + (1 — ) tan §
Kaxail = b2 L AT + 104015 = 1.638)/(by/1)2 -

where 0 can be estimated as 35-10f [56]. For the current connection KS, the bottom part of the

cfb component can be seen as half of the part in [56]. Therefore, the axial stiffness is assumed
to be half of the value in (11) and the rotational stiffness is calculated as

Kerp = 0.5kgxqi(hy — t1)? (12)
by assuming that the axial stiffness of the connection between the column and beam upper
flange is infinite due to the stiffener in the column.

The aggregated strength of the beam-column joint is

M = min{M_,,s, M7} (13)
And the stiffness of the connection is
K = 1
1 + 1 (14)
chs chb

5.1.3 Column-column connection

The bolt in tension failure mode of the column-column connection can be modelled by a
rotational spring induced by the bolt and the contacting effect between column ends and the
intermediate plate. The stiffeners are designed to be relatively strong so that failure only occurs

at the bolt. Thus, the moment capacity is calculated as

Myc = fypAp(he — to)/2 (15)
where fyb and Ao are the yielding strength and area of the bolt. And the stiffness is calculated as
Kyc = ky[(ho — to)/Z]Z (16)

where ky is the stiffness of the spring representing the bolt, which should include the deformation
of the bolt itself as well as the flexural bending of the supporting plates. Since the supporting

plates were designed very strong, only the bolt deformation is considered. It is calculated as
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kb == EAb/Lb (17)
where E is the elastic modulus, and Ls is the length of the bolt.
5.2 Shear key connection with endplate (KSE)

For the shear key connection with endplates, the column side walls in shear component are
similar to the connection KS and therefore the strength and stiffness is calculated as per Eq. (6)
and (7), respectively. Since there are stiffeners at both the top and bottom beam flange levels,
effect of the column face in bending component can be eliminated in the model. The aggregated
joint properties are that of the cws component. Properties of the vertical column-column

connection is assumed to be the same specified in Eq. (15)~(16).
5.3 Bolt connection without stiffener (BE)

5.3.1 Column side walls in shear (cws)

The properties of column side walls in shear component can be obtained in section 5.1.1 by
Eq. (6) ~(7). The effect of holes in the column side walls is assumed to be considered by only
changing the shear area to

A, = (hg —to — Dty + (hg — o)ty (18)

where d is the width of the holes, as shown in Figure 19(b).
5.3.2 Column face in bending

The strength of cfb component can be determined by the yielding line mechanism shown in
Figure 21. The internal dissipated energy for each yielding line (number shown in Figure 21) is
shown in Table 6.

The total energy is

ET=m06<4tana+4cota+8—n+z> (19)
1-p 1-8 1
The external work done by the moment is
W=M o (20)
hy
Equating Eqg. (19) and (20), the moment is obtained as
Mg, = mohy (m + 4 cota + 8_7; + E) (21)
1-p 1-8 1
where tana = m when taking the minimum of Eq.(21). The moment capacity is
My = mohy < A 3) 22)
JI=F 1-8 1
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The stiffness of cwb can be determined as follows. The axial stiffness of a rectangular plate
to rectangular hollow section can be calculated as Eq. (11) [56]. Since there is an endplate for
the BE connection to provide strong support, the rotational stiffness can be calculated as

Kepp = Kaxai(hy — t1)? (23)
which is twice to the value of connection KS as shown in Eq. (12). The aggregated strength and

stiffness can be calculated according to Eq. (13)~(14).

5.3.3 Column-column connection

The column-column connection is similar to the connection type KS, except that the length
of the bolt is relatively shorter, which is taken as the sum of the thickness of the intermediate
plates and column endplates. Therefore, the properties can be obtained according to Eg. (15)
~(16). However, it should be noted that the shear force in the bolt may reduce the tensile
resistance of the bolt and therefore reducing the moment resistance of the column-column

connection.
5.4 Bolt connection with stiffener (BSE)

For the bolt connection with stiffener connection, the column side walls in shear component
are similar to the connection BE and therefore the strength and stiffness is calculated as per Eq.
(6) and (7), respectively. Since there are stiffeners at both the top and bottom beam flange levels,
effect of the column face in bending component can be eliminated in the model. The aggregated
joint properties are that of the cws component. Properties of the vertical column-column

connection is assumed to be the same specified in Eq. (15)~(16).
5.5 Analysis results

Using the simplified model, the rotational resistance and stiffness are calculated, and the
results are summarized in Table 7, as well as the relative stiffness and strength against the
corresponding beam element. The detailed calculation process is also shown in the appendix A.
For the connection KS, the moment resistance for the floor beam-column and ceiling beam-
column joints are 0.32 and 0.29 times the corresponding member resistance, representing that
failure would occur at the joint regions while the members remain almost elastic. The moment
resistances of the beam-column joints are over the member resistance for the connection KSE,
indicating that failure would occur at the member end. The stiffness of the joints in terms of the

relative beam stiffness EI/L is also presented.
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According to Table 7, for the external floor joint region near the monitored node, failure
would occur at the ceiling beam-column joint for connection KS and BE, and at the column-
column connection for connections KSE and BSE, due to the relative magnitudes of moment
resistances. This matches well with the location deformation observed in the solid model (Figure
13), except for the connection BE. However, it is interesting that for the connection BE the
calculated moment resistance of the ceiling beam-column joint is 12.0 kN-m, slightly lower than
13.3 kN-m of the vertical column-column connection, which means that failure should occur at
the ceiling beam-column joint rather than the bolt shown Figure 13(c). This might be due to that
the resistance for the latter is overestimated because of ignorance of the shear stress in the bolt,
which could reduce the moment resistance of the column-column connection. The degree of the
reduction requires further study.

The pushdown curve obtained by the simplified model for connection KS is shown in Figure
22, with comparison of the curve obtained by solid elements. The initial stiffness of the curve
and the yielding strength of the sub-structure obtained from the simplified model match well
with that from solid model. The yielding locations in the simplified model occur later than the
solid model because the former demonstrates full plastic resistances while the later presents
elastic resistances. The post-yielding strength of the sub-structure is underestimated by the
simplified model partly due the underestimation of the hardening effect of the beam-column
joints due to tensile membrane mechanism of column faces.

The pushdown curves obtained by the simplified model for the other three connections are
shown in Figure 23. Good consistence is found compared to solid model and simplified model.
Hence although the axial flexibility in the beams and the vertical inter-module connection are
not considered, the simplified model can be adopted for quick assessment of progressive collapse

of MiC structures under corner column removal scenarios.

Conclusion

A two-storey sub-structure was extracted in a modular steel building structure to
comprehensively study the progressive collapse behaviour and resistance of MiC structures with
different types of connections. High fidelity finite element analysis was carried out first to
investigate the global deformation and especially the local failure modes. Simplified models
were then proposed based on the observed failure modes for the considered connections, and
they were incorporated to the macro model for progressive collapse analysis. It was found that

the macro model with beam elements for beams and columns and rotational springs for joint
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regions shows good consistence with the detailed FE analysis in the context of progressive
collapse.

The inter-module connections have significant influence on the collapse resistance of MiC
structures through the effect on the beam-column joints. The traditional assumed rigid beam-
column joint assumption may lead to unsafe conclusion if they in fact show non-rigid behaviour.
Adding endplates or stiffeners could enhance the joint region and therefore increase the collapse
resistance.

It should be noted very basic models for different failure modes at the joint region in section
5 are adopted. Corresponding calculation formulas for stiffness and strength require further
comprehensive parametric studies and experimental tests to verify. More components could be
incorporated, and better post yielding mechanism can be considered to obtain more sophisticated

results. The rotational capacity is not considered due to lack of experimental data.
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Appendix A Worked examples about the calculation of the connection properties
Detail calculation of joint properties for the four types of connection is shown in this

section. Only the information of connection KS and BE is presented, since the corresponding

KSE and BSE connection are similar and even easier to obtain.
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Floor beam-column joint
Geometrical information: b;=140 mm, h,=140 mm; b,=80 mm; h;=140 mm; f=b,/b,=0.57;n=h,/b,=1; t,=t,=8mm ; t.=16 mm;
Physical information: f,=355 Mpa; m, :fyt02/4:5.68 kN=m, ; E=210000 Mpa; G=80769 Mpa

Column face bending (cfb):

14+ pB8my/m 8
Mgy = mohy (—0 t+t—

= 5.68 kN x 140 mm
n 1 —ﬁ) (

Et? t1/bo + (1 — B) tan(35 — 10p8)
_ (h o2 — it 1/00 _
Kepp = 0.5kgpa(hy — )% = 0.5 72 16x 7 — 5 T 104015 — 1.630) oo /1T (hy

1+057x%x1 8x1
1 +1—0.57

)=16.1(kN-m)

£,)?=2320 (kN - m)

Column side wall shear (cws):
A, = 2(hg — to)ty = 2 x (140 — 8) X 8 = 2112 (mm?)
_ Ay(hy — t1)f, 1552 x (140 — 8) x 355

M. . =
cws \/g \/§
Kows = GAy(ho — t1) = 80769 x 2112 x (140 — 16) = 11941 (kN - m)

=53.7(kN - m)

Aggregated: Mp; = min{Mp, Mey,s} = 16.1 (kN - m) Kpy =—7 =7 T— = 1942 (kN -m)

Ceiling beam-column joint
Geometrical information: by=140 mm, h,=140 mm; b,=80 mm; h,=80 mm; =b,/b;=0.57;n=h,/b,;=0.57; t,=t,=8mm ;
Physical information: f,=355 Mpa; m, =f,t,%/4=5.68 kN=m,; E=210000 Mpa; G=80769 Mpa

Column face bending (cfb):

Mo — o (HEM/ Mo | B0\ o o mn (LE ST X1 8XO0STY
ofb = Mol n 1-8)7> M "o 57 1-057)= % m
Etd t1/by + (1 — B) tan(35 — 103)
K.pp = 0. a(hy — )2 = 0.5—216 x el — £)2=690(KkN -
cfb 0 Skaxatl(hl tl) 0.5 bg 6 (1 _ B)g T 10.4(1.5 _ 1.63B)/(b0/t0)2 (hl tl) 690( N m)
Column side wall shear (cws): , Ay(hy —te)fy 2112 x (80 — 16) X 355
A, = 2(hg — to)ty = 2(80 — 8) x 8 = 2112 mm Mays = === === = =27.7 (kN - m)
Kops = GA,(ho — t.) = 80769 x 2112 x (80 — 16) = 6823 (kN - m)
1 1
Aggregated: Mc; = max{Mcsp, Meyys} = 6.1 (kN - m) Key=— L1 =71 L1 =627 (kN-m)
Kers  Kops 690 T 6823

Column-Column joint

Geometrical sizes: Lj,;;=230 mm, d=20 mm, A, =314 mm?

Fe = fy poitAporr = 640 x 314 =201 (kN)

Ap(ho —t 140 — 8
,,szy””(24°°)=640 x 314 x%=13.3(kN-m)

Edpore 314
= bt _ o9 X —— = 287(kN

ke == 0000 x - = 287(kN/mm)
(140

2
Ky = kel(ho — to)/2]? = 287 x [%8)] = 1249 (kN - m)
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Floor beam-column joint

Geometrical information: b,=140 mm, h;=140 mm; b,=80 mm; h,;=140 mm; g=b,/b;=0.57;n=h,/by=1; t,=t,=8mm ; t;=16 mm;
Physical information: f,=355 Mpa; m, =f,{,%/4=5.68 kN=m, ; E=210000 Mpa; G=80769 Mpa
Column face bending (cfb):

My = mohy [+~ 4+ 2) 2 568 x 140 [t + 2211 2) _ 26 20N - m)
o=\ Top 1-F ) Vi—057 1-057 1) =7 "
Etd t1/by + (1 — B) tan(35 — 108)
Kerp = kaait(hy — t1)2 = —21 EAudl — £,)2=4639(kN -
efb = kaxau(hy — t1) b2 6% (=B + 10415 — 1.635)/(by/Ls)? (hy — t1)*=4639(kN - m)

Column side wall shear (cws):

Ay, = (hg — to — Aty + (hg — to)to = (140 — 8 — 70) x 8 + (140 — 8) x 8 = 1552 (mm?)
Ay(hy —t1)f, 1552 x (140 — 8) x 355

M = =39.4(kN-m
cws '\/§ \/g ( )
Kews = GA,(hy — t;) = 80769 X 1552 X (140 — 8) = 15544 (kN - m)
1
Aggregated: Mgy = max{Mcsp, Mcyys} = 26.2(kN - m) Key=— T =1 T— = 3573 (kN-m)
+ g+

Kerp | Kows %639

Ceiling beam-column joint
Geometrical information: by=140 mm, h,=140 mm; b,=80 mm; h,=80 mm; f=b,/b=0.57;n=h,/b,=0.57; t,=t,=8mm ;
Physical information: f,=355 Mpa; m, =f,{,%/4=5.68 kN=m,; E=210000 Mpa; G=80769 Mpa
Column face bending (cfb):
Mg =m0h1<L+8—"+z> =5.68 X 180(L+8X—0'57+E
Ji-8 1-8 n Vvi—057 1-057 1
t1/bo + (1 — B) tan(35 — 1083)

) =12.0(kN - m)

Et3
chb = kaxair(hy — tl)z =—716x (hy — t1)2:1380 (kN - m)

i Y (1—P)3 +10.4(1.5 — 1.638) /(bo/to)?
Column side wall shear (cws): Ap(hy — t)f, 2112 x (80 — 8) x 355
A, = 2(hg — to)to = 2(80 — 8) x 8 = 2112 mm? Meys = = = NG =27.7(kN - m)
Kows = GA,(hy —to) = 80769 x 2112 x (80 — 16) = 10917 (kN - m)
1 1
Aggregated: M¢; = max{Mcsp, Mcys} = 12.0 (kN - m) Key=— =71 7— = 1225 (kN - m)

Koo T Koy 1380 T 10017

Column-Column joint

Geometrical sizes: Lj,;;=42 mm, d=20 mm, A, =314 mm?

Ft = fypouAporr = 640 x 314 =201 (kN)

A, (ho — t 140 — 8
MVC=M=640 x 314 x%= 13.3 (kN - m)
EA 314
ke = —22% = 210000 x =— = 1570 (kN/mm)
Lpoue 42
(140

2
Kye = kel(ho — t5)/2]? = 1939 x %8)] = 6838 (kN - m)
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Figure 1. A steel MiC building: (a) 3D view; (b) planar view
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Figure 2 Single rod/bolt inter-module connections
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Figure 3 Four types of inter-module connections
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Figure 4 Inter-module connections at different locations
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Figure 5 Sub-structure and loading configuration (connection KS)
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Figure 6 Mesh for components (connection KS)
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Figure 7 Numerical vs. experimental comparison for slip tests ([25])
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Figure 8 Numerical vs. experimental comparison for the external (upper) and internal (lower)
inter-module connections under lateral loading [9, 10]

F-8/23



1000

|

i
i

18

%4 162, o m

o g |

ol | 1

50 4, 100 i |
%ﬁﬁ.ﬁﬁ..430 . 178 b
§ 70 2

S 1900
.18
17 128" 128

430

M@i

)

s n

/

1900 128

(a) Upper modular part (b) Lower modular part

(c) Shear key for the
external (upper) and
internal (lower)
connections
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Figure 10 Global deformation at the final stage (vertical displacement of the monitored node
equal to 0.1L) of the two-story sub-assemblage with shear key connection and yielding

sequence (connection KS)
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Figure 11 Load-displacement curve of the sub-structure with connection KS
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Figure 12 Load-displacement curve of the sub-structure with different types of connections
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Figure 13 Local deformation at the final stage (vertical displacement of the monitored node

equal to 0.1L) at the external floor joint region with different connection types
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Figure 14 Local deformation at the final stage (vertical displacement of the monitored node

equal to 0.1L) for the connection KS at different locations
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Figure 15 Load resisting mechanism under corner column removal scenario
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Figure 16 Contact stress on the ceiling beam (Unit: MPa) (Connection: KSE)
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Figure 17 Simplified model for design
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Figure 18 Geometrical information of KS connection and yield line of the shear key connection
without endplate
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Figure 19 Model of the cws component: (a) without hole; (b) with hole.
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Figure 20 Axial stiffness model of rectangular plate to column face connection: (a) plate in the
middle of column face [56]; (b) plate at the edge of column face - model for the column face in
bending (cfb) component of connection KS
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Figure 21 Yield line of the bolt connection without stiffener (BE)
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Figure 22 Load-displacement of the structure with simplified model using connection KS

F-22/23



Loading factor

20 (a) Shear key (b) Bolt
Solid
151 = = Simplified i
Lol KSE i /BSE
0.5}
0.0 : :
0.00 0.25 0.00 0.25

Vertical displacement (m)

Vertical displacement (m)

Figure 23 Load-displacement of the structure with simplified model
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Table 1 Nominal loads in the building structure

Dead load Live load

Floor slab 4 KN/m? 2 KN/m?
Ceiling slab 2.25 KN/m? 0 kKN/m?
Floor beam 5 kN/m 0 KN/m
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Table 2 Section properties of elements

Member

Section size (mm)

Floor beams (X-direction)
Ceiling beams (X-direction)
Floor beams (Y-direction)
Ceiling beams (Y-direction)
Braces

Columns

RHS 140x80x8
RHS 80x80x8
RHS 100x60x8
RHS 80x80%6.3
L120x10
SHS 140x140x8
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Table 3 Component sizes and material properties [9]

Component Size (mm) E (GPa) fy (MPa) fu (MPa)
Ceiling beam 150%150%8 210 425 575
Floor beam 150%x250%8 210 425 575
Column 150x150%8 210 425 575
Shear key See Figure 9 210 330 350
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Table 4 Local failure modes at the joint region with different types of inter-module connections

Connection type Failure modes
KS (1) column face in bending (cfb)
KSE No failure occurs at the joint region, but at beam ends
BE (1) column face in bending (cfb), (2) column side wall in shear (cws), (3) bolt in
tension (bt)
BSE (1) column side wall in shear (cws), (2) bolt in tension (bt)
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Table 5 Dissipated energy by yield lines for the shear key connection without endplate (KS)

Yield line Internal energy Internal energy (simplified)
1 2m, (}%b”;bl +b02—5b1 hl) 2(%+12_—”ﬁ)m05
2 2 (1902—61)1 hl) %
3 Mob, h% f 71;05
4 my b, h_1 37:7116

T-5/7



Table 6 Dissipated energy by the yield lines for the bolt connection without stiffeners (BE)

Internal energy (simplified)

Yield line Internal energy
1 b 26 tana 2émytana
"o — by -8
5 b myd
oMo hy -
26tana 6 26 fmotana Bém,,
3 bymg (3 +
o\ by~ by 'y i-F 7
26tana by — by 26
4 (by — b;)my by — b, + S tang MO by — b, 2mydtana + 2myd cota
1) 26 1-p8 4nmy6
5 by—b —+ 2hymy——— —my0
(bo 1)m0h1+ 1m0b0—b1 1 mo 1-8
bo - bl 25 4‘7767".0
2
6 <h1+2tana)m0b0—b1 1-p + 2m, Scota
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Table 7 Stiffness and strength of connections (Unit: kN-m)

KS KSE BE BSE

Stiffness  Strength  Stiffness  Strength  Stiffness  Strength Stiffness Strength

Floor beam- 1942 16.1 11941 53.7 3573 26.2 15544 39.4
columnjoint  (6ElL)  (0.32Mg") (37ElL) (1.07Me) (11El/L)  (0.52Me) (48EI/L) (0.79Mg)

Ceiling beam- 627 6.1 6823 21.7 1225 12.0 10917 21.7
columnjoint  (8EIL)  (0.29Ms)  (86EI/L) (1.31Ms) (15El/L) (0.57Ms)  (137EI/L) (1.31Mg)

Column-column
] 1249 13.3 1249 13.3 6838 13.3 6838 13.3
connection

*The moment capacities of the floor beam and ceiling beam, denoted as Mg in this table, are 50 and 21 kN-m,

respectively; and the relative stiffness of floor beam and ceiling beam are 326 kN-m and 80 kN-m, respectively.
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