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Abstract: The mechanical behaviour of longitudinal plate-to-concrete-filled circular hollow
section (CHS) connections under axial tension, eccentric tension and in-plane bending is
extensively studied by the experimentally validated finite element analysis (FEA) in this paper. A
total of 336 connections with a wide range of parameters on geometrical configurations, material
properties and load positions was conducted to investigate a) the general applicability of the
experimental conclusion for the governing limit state, b) the shear stress profiles on the failure face
and c) the design equations based on fracture analytical models under various loading conditions.
FEA extended the validity of experimental conclusion that the only governing limit state was
ultimate strength at punching shear failure instead of the strength at deformation limit of 3% chord
diameter (D). With an aim of proposing design equations based on fracture mechanics, the shear
stress distributions on the failure face and the inner concrete was investigated by numerical
parametric study, and then were adopted in the analytical models. Finally, design equations based
on semi-theoretical models for the ultimate strength of longitudinal plate-to-concrete-filled CHS
connections under three investigated loads were proposed. It is found the connection-capacity

predictions agreed with both test and FEA results well.
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1. Introduction

Concrete-filled steel circular hollow section (CHS) member is a popular alternative to hollow
structural section (HSS) one especially when subjected to compression. It is due to the efficient
utilization of the material strengths for both concrete and steel, leading to a better local bulking
resistance and a higher ultimate strength, especially for those thin-walled members [1,2,3]. A
simple and efficient way to connect those circular hollow section (CHS) members with branch
members is to use a gusset plate, including longitudinal and transvers ones which are directly
welded on the tube wall surface. Fig. 1 gives an example of a gusset plate-to-tube connection used
in a large-span transmission tower in China. The longitudinal plate connection original from branch
plate-to-1-beam connection is a traditional and common connection type especially for those with
lightly loaded branch members. Because of the flexibility of the thin tube wall face which often
causes the excessive deformation combined with chord ovalization, the capacity of those branch
plate-to-CHS connections are thus often governed by the deformation limit state. Therefore special
precautions, such as connection stiffening, are always taken into consideration in practical design.

Previous studies have proposed relevant methods to stiffen those tubular connections with a
flexible face, such as a through plate connection [4,5,6], an annular ring stiffened connection
[7,8,9], a concrete-filled connection [6,10]. It is found that for the first two mentioned stiffened
connections (for hollow tubes), the tube wall deformation was decreased and the flexibility of
connection face was mitigated, but the capacity was still governed by the deformation limit failed at
the state of chord-wall plasitification; while for the concrete-filled connections, VVoth [6] and Xu, et
al. [10] showed that punching shear failure of chord-wall was the dominant limit state. They also
indicate that the branch plate-to-CHS connections utilized the full strength of steel material.
However the design recommendations for punching shear strength in CIDECT-1 [11] for non-
concrete-filled plate connection, is generally conservative when applied to the inner concrete

stiffened ones especially in the case of in-plane bending [10].
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Significant research has been conducted on branch plate-to-HSS connection behaviour and
design methods [5,12-18], some of which have been adopted in current design guidelines, such as
CIDECT-1 [11] and CIDECT-3 [19] and codes of practice, APl [20] and AISC 360-10 [21].
Unfortunately, limited experimental and numerical research [6,10] are available for the behaviour
of plate-to-concrete-filled CHS connections, therefore there is a need to conduct complementary
numerical simulation to propose design equations base on both experimental and numerical data.
Thus, the method of finite element analysis (FEA) is employed to extend the scope of test
specimens for both geometrical configurations and material properties. By a combined way of
experimental and numerical investigations, the design recommendations for branch plate-to-
concrete-filled CHS connections can be proposed with both a wider validity range and considerable
reliability.

In this study, the mechanical behaviour of longitudinal plate-to-concrete-filled CHS
connections under axial tension, eccentric tension and in-plane bending were extensively studied to
further confirm the experimental observations upon the governing limit state and failure modes
from FEA firstly. Secondly, the shear stress profiles on the failure face were also analysed and the
distribution equations were proposed accordingly based on punching shear fracture. Thirdly, based
on the determined governing limit state and failure modes, the analytical models for connections
under each loading condition were established. Finally, design equations corresponding to the
punching shear failure mode for axial/eccentric tension and in-plane bending loaded plate-to-

concrete-filled CHS connection were proposed.

2. Summary of experimental investigation

2.1. Test program

Xu et al. [10] carried out tests of eleven longitudinal plate-to-concrete-filled-CHS
connections under axial tension, eccentric tension and in-plane bending. The test set-up and

specimens are shown in Fig. 2 with the measured geometrical dimensions of specimens presented

3
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in Table 1. The results of tensile coupon tests on the tube and plate materials are listed in Table 2.
The cubic compressive strength (feu) and elastic modulus (Ec) of the in-fill concrete at 28 days were
46.9 MPa and 37420 MPa, respectively. Fillet welds were used to connect the longitudinal plate
with CHS face. Fig. 2 also shows typical test set-ups and displacement measurement arrangements
for specimens under each specified loading conditions. All test specimens were loaded by a 1000-
kN-tension-capacity MTS actuator controlled by displacement at a speed of 0.5 mm/min. More
detailed information of the test program is given in Xu et al. [10].

The test specimens are labeled as follows: the connection type, the chord diameter, the chord
thickness and the loading condition in the test. For example, the label “T-300-4-E125” defines a T-
connection with a nominal outer chord diameter of 300 mm and nominal chord thickness of 4 mm

under eccentric tensile loading with eccentricity of 125 mm.

2.2. Test results

The test results reported by Xu et al. [10] showed that all test specimens failed in tube wall
punching shear which was initiated from the chord tube face at the end of the plate, except for the
one with 6-mm tube wall thickness under axial tension which was failed by brace yielding. Typical
failure modes of specimens under different loading conditions are shown in Fig. 3. Moreover the
measured average deformation at A and B points (for specimens under tension) and maximum
deformation at B point (for specimens under eccentric tension and in-plane bending) at the ultimate
strength (peak load) are lower than 3% chord diameter (D) as shown in Fig. 4. In Fig. 4 the

measured experimental deformations at A and B were calculated as ( 6 a-da1) and (ds-ds1) Which

were attained from the recordings of LVDTSs located at points A, A1, B and B1, 15 mm away from
the weld toe, as shown in Fig. 2. For in-plane bending specimens, the moment was evaluated as the
applied tensile load x force arm (790 mm in this study). This indicated that the connection capacity
was governed by the maximum strength limit instead of the deformation limit. It was significantly

different from the specifications in current design guidelines CIDECT-1 [11] which is
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applicable for plate-to-plain-CHS connections. The experimental connection strengths (Fexp, Mexp

= Fexp x 790 mm) and design strengths are compared in Table 1 and Fig. 5, respectively.

3. Finite element modeling and validation

3.1. Finite element (FE) modelling methodology and analysis

The FE models were established for replicating the experimental connections and
subsequently extending experimental data to a large number of models with different parameters to
investigate the general behaviour of longitudinal plate-to-concrete-filled connections. The FE
models of plate-to-concrete-filled CHS connections were conducted using ABAQUS/Explicit [22].
For those FE models replicating the experimental connection, the geometrical dimensions followed
the measured dimensions. In addition, the models in parametric study were built with a constant
chord length of 1400 mm, a constant plate height (ho) of 190 mm while the fillet welds were set to
be capable of the full plate capacity, and the same loading area and concrete property as the test
specimens under corresponding loading conditions. All other geometrical configurations and
material properties varied in the parametric study, and therefore the varied parameters expressed in
the specimen labels, for example the model T-300-4-E50 with plate length (lo) of 500 mm and plate
thickness (t) of 12 mm will be expressed as T-300-4-500-12-E50. Both ends of chord member
were fixed with all degrees of freedom to be zero according to the end conditions in the test. For
simplification, the brace member connected to the plate were omitted and a loading area line of
connecting bolts was created in the case of axial and eccentric tension, whilst two rigid plates with
the same force arm length as the brace were tied to the longitudinal plate connections under in-
plane bending. The loads for each loading condition were applied accordingly at the same loading
speed as in the test. More details for FE models are shown in Fig. 6.

All models were constructed by solid elements (C3D8R) with an element size near the
connecting area (regions of high stress gradient) around 5 mm, an element size of 25 mm towards

the ends of the chord and plate (regions of relative uniform stress) and a constant element size of
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15 mm for infill concrete part. For the connecting area, the element size of 3 mm, 5 mm and 8 mm
were used in the mesh sensitivity study as shown in Fig. 7(a). The element size has some influence
on the prediction of fracture initiation as well as the connection capacity. The ultimate strength will
increase 3.5% and decrease 1.4% for the models with 8-mm and 3-mm element size, respectively,
when compared with the 5-mm one. It is because the fracture criterion is assumed to be active upon
one integration location of an element [23], and the highly stress gradient around the connecting
area causes significant difference for stress/strain values in a small distance apart from the weld toe.
Furthermore, there is no convergence problem in simulation using ABAQUS/Explicit [23]. Despite
this, under consideration of computational efficiency and the aspect ratio of elements, the element
size of 5 mm around connecting area was adopted. The element aspect ratio is set as 1(length):
1(width): 1(depth) as possible near the connecting area. Therefore, through the tube-wall thickness,
in the case of tube-wall thickness less than 5 mm, the element number was two, while for other
cases it was three. The total number of elements was approximately 53,000 for the concrete part
and 60,000 for the plate-to-CHS connection part respectively.

The loading areas in the FE models for parametric study were determined in accordance with
those in the test specimens. The typical finite element mesh of plate-to-concrete-filled CHS
connections under each loading condition is shown in Fig. 6.

Both directly speeding up the load applied on the models and using Mass Scaling Factor
(MSF) will attain an equivalent effect on speeding up the time of simulation, where the former will
reduce the number of increments required and the later will increase stable time increments. Since
ABAQUS/Explicit, using explicit dynamics analysis procedure, will not check the calculation
accuracy for each increment, the stable increment should be small enough to ensure the simulation
accuracy. Large speed of simulation will cause extreme error in the results as shown in Fig. 7(b).
Furthermore, mass scaling is attractive because it can be used in rate-dependent problems, but it
must be used with care to ensure that the inertia forces do not dominate and change the solution

[23]. Therefore the methodology of fixed mass scaling factor for computational cost control which



156

157

158

159

160

161

162

163

164

165

166

167

168

169

170

171

172

173

174

175

176

177

178

179

180

181

is preferred in quasi-static analysis [23] was employed in this investigation. The sensitivity study on
MSF values is presented in Figs. 7(b) and 7(c). Large MSF, i.e. 10**and 10%°, will cause significant
“vibration” in the whole simulation process and therefore leading to an extreme error in the result.
Furthermore, due to the acceleration of loading process and the dynamic effects caused, the fracture
prediction become earlier for the larger MSFs, i.e. 108 10°and 10*. The ratio of all kinetic energy
(ALLIK) to all internal energy (ALLIE) was also used as an index to evaluate the stability of whole
simulation procedure and the suitability of the MSF values in FE models. As suggested by
ABAQUS [23], the ratio should not excess a small fraction value in the quasi-static simulation. Fig.
7(c) presents the history of ALLIK-to-ALLIE ratio throughout the whole simulation process for the
models with MSFs to be 104 10° and 108, all of which possess an extremely low value during the
whole loading process except for the very beginning. Fig. 7(c) also indicates MSF values of 10* and
10° can achieve a stable simulation process with the maximum ratio less than 5%. The value of 10°
was used after comparison analyses between models with MSF values of 104, 108, 108 10'°and 10,
It can help FE models to achieve a satisfactory balance between accuracy and computational
efficiency.

For the concrete constitutive model, the concrete-damaged plasticity model in ABAQUS
(2010) was adopted herein. The constant values of 30°, 0.1, 1.16, 0.667 and 0.00025 [24,25] were
adopted for dilation angle (@s), flow potential eccentricity (econ), ratio of the compressive strength
under biaxial loading to uniaxial compressive strength (foo/fco), the ratio of the second stress
invariant on the tensile meridian to that on the compressive meridian (Kc), and viscosity parameter
(u), respectively. The sensitivity study on the parameters, @s, foo/fco and Kc, were conducted as
shown in Fig. 8, while the parameters, econ and u, had no significant influence on prediction
accuracy [26]. The default value of flow potential eccentricity econ, 0.1[23], was adopted, and a
small value, 0.00025 [25], was set for viscosity parameter . Fig. 8 shows the parameters @s and
fbo/fco have little effect on load-deformation curves, while the connection stiffness increases with K

decreasing after 2-mm-chord-wall deformation developed.
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The uniaxial compressive stress-strain relationship was defined using the equations suggested

by Liang et al. [27], and the elastic modulus and Poison’s ratio were taken as 4700\/f_c [28] and 0.2

[29], respectively. The tensile behaviour of concrete was modeled by the fracture energy based
method suggested by CEB-FIP Model Code 2010 [30]. The hard contact model in the normal
direction and Coulomb friction model with a friction coefficient (x) of 0.6 [24] in the tangential
direction were used to simulate the interaction property between inside chord-face and its inner
concrete. For the steel constitutive model, the plasticity properties were determined by the true
stress-strain curves calibrated from the tensile coupon test, the von Mises yield criterion, associated
flow rule and isotropic strain hardening. The fillet weld material was taken to be the same as the
chord since it was designed to be equal strength with the parent metal. Furthermore by adopting the
user subroutine program into FE models using ABAQUS/Explicit [23], the fracture failure of steel
material was defined using the modified Mohr-Coulomb criterion (MMC) [31]. The effects of
different stress states, including the first stress invariant and the second and third deviatoric stress
invariants, on the facture initiation and propagation are considered base on the stress triaxiality and
Lode angle parameter. Both initial fracture crack and its propagation have been successfully
predicted on concrete-filled CHS connections under tensile loading and in-plane bending, where the
chord-wall failed at shear-dominated fracture under the low stress triaxiality [25,32]. The detailed
approach for derivation of MMC parameters and their sensitivity analyses can be found in the Ref.
[25]. In total four parameters of A, n, c1 and c2 should be calibrated from material tests. Two
material strain hardening parameters, A and n, were determined by calibrating from true stress-
strain curve fitting of the Hollomon’s power law [33], whilst the “internal friction” parameter C1
and maximum shear resistance parameter c2 were derived from test results by Bai [34] and
Machinery’s Handbook [35] respectively. The parameter values of the MMC criterion adopted in

this study are shown in Table 3.

3.2. Verification
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With an aim of verifying the applicability and reliability of the developed FE models, the
ultimate loads obtained from FEA are compared with the test results in both Table 1 and Fig. 5. As
indicated before, due to the rapid development of the fracture cracks along the weld-toe, the loads
dropped dramatically once a throughout fracture crack (i.e. punching shear fracture of the tube-wall)
formed. The ultimate bearing capacities of the specimens in the FE models were determined at the
occurrence of the first failure element or elements which also coincided with the peak value in the
load-deformation curves in Figs. 4 and 9. Fig. 3 shows there is a good correlation for both failure
mode and crack propagation between tests and numerical simulations under each loading condition.
Furthermore the load-deformation response of the FE models match well with the experimental
results on initial stiffness, peak load and ductility for all test specimens, as shown in Fig. 4
(excluding the repeated connections). The chord-wall deformations in FEA results were attained in
the same way as the experimental ones at the same locations. The element nodal or interpolated
nodal displacements in the normal direction were used instead of LVDT readings. All above
comparisons between tests and FEA with respect to the failure modes, the chord tube wall fracture
location, the ultimate loads at the failure point and overall load-deformation behaviour, show a
good correlation. It demonstrates that adopted FE modeling methodology adequately predicts the
general behaviour of the test specimens and therefore are deemed reliable and suitable for using in
a parametric study.

Based on the validated finite element models, a total of 336 FE models of connection under
three types of loading condition, including axial tension (138), eccentric tension (60) and in-plane
bending (138), was established with geometrical configurations and material properties varied each
and specified in the following sections. The chord length and plate height were kept constant as
aforementioned and all other details such as the boundary conditions, interaction between steel and
concrete and loading speed kept the same with that verified benchmarked FE models, if not
specially mentioned. Table 3 also shows the steel materials used in parametric study, whilst the

material property of concrete keeps invariant as the verified benchmarked FE models.



233

234

235

236

237

238

239

240

241

242

243

244

245

246

247

248

249

250

251

252

253

254

255

256

257

4. Analysis and discussions

4.1. Limit state for longitudinal plate-to-concrete-filled CHS connections

Less than 3%D localized chord-wall deformations and connection capacities governed by
punching shear dominated fracture failure were observed in previous experimental studies [6,10].
To determine the limit state, either the connection capacity under the deformation limit or 1.5 times
of serviceability deformation limit suggested by previous research [36,37] were compared with the
experimental ultimate strengths in Xu et al. [10]. It is demonstrated that the capacity of those test
connections is governed by the ultimate strength rather than a deformation limit. However this
conclusion is limited to the geometry of experimental specimens. With an aim of deriving a more
widely appreciable conclusion for further development of design equations, the scope of
experimental connection specimens were extended by finite element parametric study. The load-
deformation curves from FE models were determined by the displacement difference between point
B and B1 (10 mm away for the weld toe) versus measured load multiplied its force arm (Mexp =
Fexp X 790 mm). The ultimate capacities were determined as the minimum of two defining limit
states: 1) the maximum load and 2) the load at a deformation of 3%D. For all FE models, the
connection capacities were governed by the peak load when punching shear failure occurred, which
also confirmed the former experimental conclusion that the only ultimate strength limit at punching
shear dominated fracture failure would govern the connection capacity when the strength of both
branches (plates, bolts and braces) and main members (chords) were adequate. The typical FEA

load-deformation curves are shown in Fig. 9.

4.2. Distribution of punching shear stress

From the experimental observations [6,10] and the numerical analysis in the former sections,
the shear stress profiles on the failure face become a crucial aspect in proposing a reliable and
accurate design method. However the inaccessibility of shear stress on a fracture failure face by

strain gauges or digital image correlation technology limits the experimental development of the
10
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fracture mechanism based design method from test results. Therefore the FEA have been adopted to

investigate the shear stress distribution on the failure face in this paper.

(a) Axial tension series

The uniformity of shear stress distribution of a connection under axial tension is usually
affected by the ratio () of the length of the loading area (lioad) to the plate (Ib). The ratio can be
transformed to an expression, as shown in Eg. (1) with an angle (6) when the plate length and
height were given, as shown in Fig. 10(a).

n, == :1—2:]—btan6’ 1)

Ib b

The varied parameters include: length ratios #b (0.56, 0.40, 0.24, and 0.04), chord diameter D
(240, 300, and 400 mm), chord-wall thickness t (3, 4, 5, and 6 mm) and plate thickness t» (8, 10, 12,
and 15 mm). To investigate the shear stress distribution on the chord-wall in different cases of #b
especially for small values, the capacity of the gusset plate will be ensured not to fail before the
chord-wall fracture. Typical shear stress distributions of connections (within the plate-length region)
with different length ratios #n are presented in Fig. 10(b). The location variable for shear stress

profile in the longitudinal direction along the failure face is normalized as expressed in terms of L,

as shown in Fig. 10(a). It is shown that stress distribution curves are almost uniform and closed
with each other located at a similar stress level with the same contour profile. This indicates that the
length ratio 7 has limited effect. It can be attributed to the inner concrete which prevents the
inward deformation of chord-wall and provides additional radius stiffness to a chord member,
resulting the evenly and locally developed chord-wall deformation along the connecting area.
Therefore the tensile load can be transformed from the gusset plate uniformly before the chord-wall
reaches the punching shear fracture, providing that the capacity of the plate is ensured. Based on
the FEA results, it is reasonable to exclude the effect of loading area and assume it to be invariable

when the plate length varies in the subsequent parametric study.

11
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From the parametric study, the shear stress distribution can be conservatively described as Eq.
(2) on the assumption that the distribution is uniform along both longitudinal and transvers
direction of plate. Based on the FE models with the ranges for each parameters of D, t, Ib, t» to be
240~400mm, 3~6mm, 300~600mm and 8~15mm, respectively, the value of kax, as shown in Fig.

11 can be approximately determined as 0.85.

f (Lb): fomn = Kaxe Ty e Longitudinal side

o (T_b ): f o Transverse side

)

where fymax and fvmin are the maximum and minimum shear stresses on the punching shear face;

kax is the ratio of fuminto fvmax; L, is a relative position parameter (Alb)/l» defined in Fig. 10(a); and
Ty, is a relative position parameter (Atn)/to defined in the same way as L, .

(b) In-plane bending series

Typical shear stress profiles on the failure face for connections T-240-4-500-12-1B and T-
300-4-500-12-1B are plotted as symbol-line curves in Figs. 12(b) and (c). Limited variation of
stress profiles was observed from parametric study when geometrical parameters of to, D and t
varied, as shown in Figs. 13(a)-(c). It is also noted that the neutral axis moves to the compressive
side for the local bearing of its inner concrete. The longitudinal shear stress distribution at
maximum load step therefore can be proposed and expressed as Eq. (3) in which a parabolic

function for the compressive side and a double dogleg function for the tensile side are employed.

S 2

v,cmax |_ -n _ f .
(nl _ no )2 ( b 0) v,cmax O S Lb < nl

— 0.55f — 0.55f,. n —
f L — v, tmax L _ v,tmax " "1 n S L <n

r,IB( b) nz _ n1 b n2 _ nl 1 b 2 (3)
045 fv,tma\x T + 055 fv,tmax - fv,tmaxnz nz S L_b < 1
1-n, ° 1-n,

where fvemax and fvimax are the maximum shear stresses on the punching shear face at the

compression and tensile sides respectively; L, is relative length (Alb)/Ib shown in Fig. 10(a); n1 is

normalized location parameter for of the neutral axis; no and n2 are normalized location parameters
12



303

304

305

306

307

308

309

310

311

312

313

314

315

316

317

318

319

320

321

322

323

324

325

326

for the maximum stress point at compressive side and the corner point of double dogleg curve at
tensile side respectively. The normalized parameters of no, n1 and nz are also shown in Fig. 12(a).
The parametric study was conducted using the verified FE models to investigate the constants
of no, n1and nz for a specified connection, as shown in Fig. 14. The study consisted of connections
with geometrical dimensions ranging from three values of chord diameter D, 180~300 mm, three
values of chord thickness t, 3~5 mm, four values of plate thickness to, 8~15 mm, and three values of
plate length I, 340~600 mm. It is shown that the values of no, n1and nz2ranges from 0.1 to 0.2, 0.29
to 0.39, and 0.42 to 0.52, respectively. The average values of each range, no= 0.15, n1=0.34, and
n2= 0.47, are recommended in this study. Based on these values, the location of fv.cmax, and neutral
axis can be then determined as shown in Fig. 12(a). Therefore, the general shear stress profile on
the failure face for a longitudinal plate-to-concrete-filled CHS connection under in-plane bending
can be determined by substituting the recommended values of no, nzand nzinto Eq. (3). Figs. 12(b)

and (c) show the curves predicted by the proposed equations match well with the FEA results.

(c) Effects of load eccentricity

A series of FE models with four values of relative eccentricity (e/lo=0.00, 0.10, 0.17, 0.25)
but with the same geometrical configuration was carried out to investigate the effect of load
eccentricity on the shear stress distributions. The shear stress profiles on fracture failure face for FE
models with different eccentricities are shown in Fig. 13(d). The shear stress far from the loading
region became lower even to be “negative” (change of the shear stress direction) with the increment
of the load eccentricity, while the maximum stresses at tensile side for all connections remained
almost the same. It also indicated that the eccentric tension could be assumed as an axial tension

and an in-plane bending causing by corresponding load eccentricity.

5. Design methods

5.1. Design philosophy

13
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In this study, the connection design method is based on a limit-state design format known as
Load and Resistance Factor Design (LRFD). The connection capacity should be determined by the
lower one of (a) the ultimate strength and (b) the load corresponding to a deformation limit, which
is recommended by CIDECT-1. However, the only limit state of punching shear dominated fracture
at tube wall for longitudinal plate-to-concrete-filled CHS connections was observed and confirmed
when compared the ultimate strength with the load corresponding to the well-accepted deformation
limit of 3% chord diameter (D) criteriion. Therefore, only the punching shear failure mode is
considered for connections under axial tension, eccentric tension and in-plane bending.

Figs. 10(a) and 12(a) show the analytical models for the connections under axial tension and
in-plane bending respectively. The proposed equations, Egs. (2) and (3) are employed to describe
the shear stress distributions. For the case of axial tension, the external force is assumed to be
resisted only by chord-wall; whilst for the case of in-plane bending, both chord-wall and its inner

concrete work together to resist the external moment.

5.2. Position of resultant force point for the connections under in-plane bending

(a) Compressive side

Both shear stress on the chord-wall failure face and local compressive stress in the inner
concrete participated into the sectional resistance for longitudinal plate-to-concrete-filled CHS
connection observed from numerical results. Figs. 15(a) and (b) show that the distributions of von
Mises stress and stress component (S22) perpendicular to the longitudinal chord axis, in the
concrete for the FE model T-240-4-500-12-1B, respectively. The local compressive stress achieved
the peak value approximately at the position of 0.1l from the compressive side as shown in Fig.
15(a) in the front view and exhibited a good symmetry with the central axial as indicated in Fig.
15(b). Derived by integral of Eq. (3), the value of resistance force afforded by tube-wall on the
tensile side is approximately ten times of it on the compressive side. Furthermore, from the rule of
force equilibrium on both sides, the resistance force provided by local bearing of the inner concrete

reaches almost 90% of it on the tension side and nine times of it afforded by tube-wall on the
14
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compression side. Therefore, it is reasonable to assume the resultant force point (Oc,g) is located on
the 0.1ly at the compressive side for calculation simplification. The resultant force point, Oc,s, is

also pointed in Fig. 12(a).

(b) Tensile side
The sectional tensile resistance was provided by the chord-wall only. Using Eqg. (3), the value
of Zts can be calculated from Eq. (4). The resultant force point (Ot,8) on the tensle side and other

relative information are presented in Fig. 12(a).

j j foz 0,

Z,. =2 ~0394] 4
e ” s, b (4)
21

where Zts is the vertical distance from Ois to the neutral axis; Si is a single longitudinal failure
face along the chord axes; and z:s is the vertical distance from the calculation point to the neutral

axis; and Iy is the longitudinal length of plate.

(c) Internal lever arm of the section
The internal lever arm (Zis) of the moment section is the sum of Zc,s (= 0.35lp -0.1lp) and Zt,s,
which is determined as follows:
Z

=Z..+Z.,s =(0.35-0.1)l, +0.394l, =0.644l, (5)

1B c,IB

5.3. Maximum shear stress

The punching shear dominated fracture has been shown to govern the mechanical behaviour
of the longitudinal plate-to-concrete-filled CHS connections. For most cases, the load
corresponding to the first throughout fracture crack in tests and the first failed element in FEA
indicates the punching shear capacity of a connection. Despite the connections are failed due to the
shear failure of the chord-wall material, the maximum shear stress (fvmax or fvimax) in the failing
element is in fact lower than the material ultimate shear strength, fuy. It is because that the element

achieves its maximum shear stress (fvmax or fvimax) when it fails under a triaxial stress state also
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corresponding to an equivalent plastic strain on the fracture failure surface; while the ultimate shear
strength for steel material is determined at the pure shear stress state. Therefore the parametric
study with respect to different geometrical configurations, material properties and loading
conditions was conducted to study the ratio of the maximum shear stress, fv,max Or fv,max, to material
shear stress, fuy, at each loading condition. Figs. 16(a) and (b) show the FEA results that the ratios

Of fv,max/ fuyv and fv,max/ fuyv are approximately determined to be 0.70 and 0.72, respectively.

5.4. Simplified analytical models and design equations

(a) Axial tension series
The analytical model for longitudinal plate-to-concrete-filled CHS connection under axial
tension is presented in Fig. 10(a). The uniform shear stress distribution is assumed on the both side
and end failure faces with the amplitude equal to kaxfvmax and fvmax, respectively. The ultimate
strength at the punching shear limit state for connections under axial tension is considered as the
total shear force on the whole failure face including both side and end ones, but excluding the effect
of weld width. As aforementioned parametric study, the value of fumax is taken as 70 % of the ultimate
shear strength fuy, which is fvmax= 0.70 fuy = 0.70 x 0.75Fu [35]. Thus the ultimate tensile strength can
be calculated from Eg. (6):
Foax =2x(t 1k

+tt f

AX fv,max b " v,max )

(6)
=(0.91, +1.1t, )t F,

Where Fuax is the ultimate strength; kax is the ratio of fvminto fvmax; o is the plate length; to is the
plate thickness; t is the chord-wall thickness; and Fu is the steel ultimate tensile strength for the

chord.

(b) In-plane bending series

The ultimate strength on the punching shear limit state for in-plane bending connections is the
whole moment resistance of a fracture face including both side and end ones. The sectional moment
resistance is considered as the sum of the shear force multiplying its vertical distance to the neutral
axis on the failure face. The shear strength profile is described as Eq. (3) for a single longitudinal
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side failure face, whilst for a single end failure face the uniform shear stress profile with the
amplitude equal to fvmax is employed in the analytical model which conservatively excludes the
effects of weld width. The specified analytical model is shown in Fig. 12(a). The ultimate moment

strength can be proposed as shown in Eq. (7) is:

x(l, -0.11,)=2F

M u,IB = 2_”. fT,IBZIBdsl + F V1,IB X ZIB + O'9FV2,IB X Ib (7)
z1

V2,1B

where Mu,s is the ultimate in-plane bending strength; f:s is the distribution function of shear stress
on single side failure face; z; is the resistance arm from the calculated point to the compressive
force resultant point; Fviis and Fvz,s are the sum of shear stress on the tensile side of the single
side and end failure face, respectively; Zis is the internal lever arm; and Ib is the plate length.

The value of Fvi,s can be computed by an integral of the shear stress and its area S1on the

tensile side, Substituting Eq. (3), the Fv1,8 can ultimately be written as Eq. (8).

I:v1,||3 = _U fr,leS1 ~ 0'447|b t fv,tmax (8)

Froe =t tf . 9)

where fvmax is equal to 0.72 fuy = 0.72 x 0.75Fu [35].
Then, by substituting Egs. (5), (8) and (9), Eq. (7) can be rewritten as Eq. (10).

M, =(0.311, +0.49t,)I, t F, (10)

where Muy,i5 is the ultimate in-plane bending strength; Iy is the plate length; t» is the plate thickness; t

is the chord-wall thickness; and Fu is the steel ultimate tensile strength for the chord.

(c) Eccentric tension series

The linear relationship between the strengths of axial tension and in-plane bending is adopted
in CIDECT-1 for the design of punching shear. This is also verified from FE results as a low bound
of the 95% prediction band, as shown in the Fig. 17. Therefore it is recommended in this study. So
the ultimate strength at the punching shear failure mode is shown in Eq. (11).

F
F

u,AX

ek, . F ek
UE <10 —E50 =>0 11
M CE and M (11)

u,lB u,AX ulB

uE
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where Fuax is the axial strength calculated using Eq. (6); Mu,s is the design moment strength
calculated using Eq. (10); e is the load eccentricity; and Fueis the design strength for a connection

under eccentric tension.

5.5. Summary and comparison between results of design equations, test and finite element analysis

The proposed ultimate strengths design equations for longitudinal plate-to-concrete-filled
CHS connection under three investigated loads as well as their applicable ranges are presented in
Table 4. The results of the proposed design equations under different loading conditions are
compared with the results of both tests and FEA, as presented in Table 1 and Tables 5~7
respectively. It is shown that the design strengths are slightly conservative since the effect of the
weld width is neglected. Meanwhile the design equations were modified by incorporating weld
width to further evaluate their applicability and accuracy. The results, Fuweid and Muweld, are
compared with FEA with the mean values of Fuax_weld /Frea, Mu_weld/ Mrea and Fue_weld /Frea being
0.97 (Table 5), 1.03 (Table 6) and 1.0 (Table 7), respectively, which exhibit a good correlation.
Nevertheless Egs. (6), (10) and (11) are still recommended to be the design equations since the weld

width is difficult to be precisely considered in practical design.

6. Conclusions

The governing limit states, the shear stress profiles on the failure face, and the connection
capacity design equations based on the failure mode for longitudinal plate-to-concrete-filled CHS
connections under axial tension, eccentric tension and in-plane bending were investigated by finite
element analysis. MMC fracture criterion was incorporated into the finite element model. It is
shown that the governing limit state is the ultimate strength of punching shear failure instead of
deformation limit of 3% chord diameter (D). It is attributed that the infilled concrete prevents the
chord-wall inward deformation which significantly improves the stiffness of the chord face.
Through the parametric investigation, the uniformity distribution function for the case of axial

tension and the combined paraboloid and polygonal functions for the case of in-plane bending were
18
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proposed to describe the shear stress profile. Different analytical models on the concept of sectional
resistance for the punching shearing failure were established and used to elaborate the fracture
behaviour of connections under three investigated loads. Finally, three design equations for
longitudinal plate-to-concrete-filled CHS connection were proposed and compared with both tests
and FEA results. The results indicated that design predictions agreed well with both experimental

and FEA results.
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Nomenclature

The following symbols are used in this paper:

A = parameters of material strain hardening;

C1 = friction coefficient in Mohr-Coulomb model;

C2 = shear stress resistance in Mohr-Coulomb model,
D = outer diameter of the chord member;

e = load eccentricity;

€con = flow potential eccentricity in the concrete damaged plasticity model;
Es = Young’s modulus of steel;

Ec = Young’s modulus of concrete;

fc = concrete compressive design strength;

feu = concrete compressive cube strength;

fuv = ultimate shear strength of steel;

maximum and minimum shear stress on the punching shear face in the case of

fv,max, fv,min

tension;

fv.emax, fvtmin -~ = maximum and minimum shear stress on the punching shear face at the
compressive side face in the case of in-plane bending;

foax, fri8 = shear stress distribution on the punching shear face;

Fexp, Frea = ultimate strength obtained from tests and FEA;

Fu.ax, Fuax_weld = ultimate strength obtained from design equations in case for axial tension

with and without the weld effect respectively;

Fue and FuEe_weld = ultimate strength obtained from design equations in case eccentric tension
with and without the weld effect respectively;

Fy = yield strength of steel,

Fu = ultimate strength of steel;

Fviis, Fv2is = sum of shear stress on the tensile side for side and end failure face in case of in-

plane bending;

kax = ratio of fvminto fvmax in the case of axial tension;

Ke = the ratio of the second stress invariant on the tensile meridian to that on the
compressive meridian in the concrete damaged plasticity model,

L = length of the chord;

L_b = position parameter defined in Fig. 10(a);

I = longitudinal length of plate;
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lbp = bolt-plate length;

hb = plate height;

Mexp, Mrea, Muis, Mu_weld = ultimate moment strength obtained from tests, FEA and proposed
design equations (with and without the weld effect);

N = parameters of material strain hardening;

Oc,8, OB = the resultant point of tension and compressive side in the case of in-plane bending;

Ty = a relative position parameter (Atb)/to defined in the same way as L_b ;

t = chord-wall thickness;

th = longitudinal plate thickness;

tbp = bolt-plate thickness;

ZcB, Zt B = distance from compressive and tensile resultant points to the neutral axis

respectively;
Zis

No, N1, N2

U

fbo, fco

Ds

= internal lever arm of the moment section;

= elongation (tensile strain) after fracture based on a gauge length of 50 mm;

= ratio of plate thickness to chord outer diameter;

= ratio of plate longitudinal length to chord outer diameter;

= ratio of chord outer radius to chord thickness;

= ratio of length of loading area to plate in the longitudinal direction;

= angle shown in Fig. 10(a);

= ratio of plate thickness to chord thickness;

= the position of fv.cmax, Neutral axis and fv,max in the shear stress profile in case of in-

plane bending;

viscosity parameter in the concrete damaged plasticity model;

initial equibiaxial compressive yield stress and initial uniaxial compressive yield
stress in the concrete damaged plasticity model;

= dilation angle measured in the p-g plane in the concrete damaged plasticity model.
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Table 1. Measured dimensions and ultimate strengths of test specimens

Chord Branch plate Fuax/
MFEA I:)EXP
R I:EXP MEXP I:FEA/ u,IB/
Specimens L D t Iy to hy / or
(kN) (kN : m) Fexp Mexp
(mm) (mm) (mm) (mm) (mm) (mm) Mexp  Fug/
Pexp
T-300-4-AX 13947 3009 395 4983 1186 1916 8437 — 099 — 085 —
T-300-4-AXR 13951 3005 3.94 4975 1198 1919 7663 — 109 — 093 —
T-300-6-AX  1397.2 2994 602 4984 1178 1888 >980.0 — NA & — N/A —
T-300-4-E50  1397.8 2998 3.94 4978 1189 1890 6521 — 097 — 085 —
T-300-4-E125 13951 300.1 4.05 4982 11.79 190.1 4644 — 104 — 089 —
T-300-4-1B 19949 3006 398 4988 1188 1915 — 16527 — 109  — 1.02
T-300-5-IB 19957 3004 491 4983 1192 1912  — 20382 — 103  — 0.99
T-300-5-IBR  1997.1 300.7 492 4975 1177 1891  — 18612 — 113  — 1.08
T-240-4-1B 19969 2405 4.02 4989 1179 1909 « — 18533 — 102  — 0.91
T-240-4-1IBR 19960 2409 391 4990 1189 1891  — 19576 — 097  — 0.86
T-240-5-1B 19947 2403 495 4982 1192 1912  — 21240 — 102  — 0.95
CBOEA* 559.3 2192 449 9993 19.07 3700 2830 — — — 092 —
CBOFA* 5589 2192 449 1003 1899 3700 3280 — — — 080 —

Note: D: Outer diameter of the chord, t: Wall thickness of the chord, L: Length of the chord member, l,: Length of the

branch plate, ty: Branch plate thickness, hy: Branch plate height, AX: Axial loading, E: Eccentric loading, IB: In-plane

bending, R: Repeat specimens.

*: Test data for longitudinal plate-to-CHS connection specimens failed at punching shear fracture of chord-wall from Ref.
[6]. The ultimate tensile strength of steel for chord members is 527 MPa. It is noted that specimens CEOEA and CBOFA

stand for unfilled and grouted connection respectively.



10 Table 2. Measured mechanical properties of the test specimens [10]
Nominal thickness Fy Fu E &t
Steel
(mm) (MPa) (MPa) (MPa) (%)
Connections under Q235 (Chord) 4.0 269 385 2.04x10° 32.6
axial, eccentric Q235 (Chord) 6.0 262 406 2.04x10° 33.2
tension Q345 (Brace) 6.0 330 485 1.99x10° 34.0
Q345 (Plate ) 12.0 405 505 2.04x10° 34.9
Q345 (Chord) 4.0 439 522 2.06x10° 29.7
Connections under Q345 (Chord) 5.0 379 502 2.04x10° 27.1
in-plane Q345 (Brace) 6.0 388 509 2.00x10° 32.0
bending Q345 (Brace) 8.0 375 511 2.02x10° 337
Q345 (Plate ) 12.0 443 524 2.04x10° 32.9
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13 Table 3. Parameters of MMC criterion used in FE models
Coefficients
Fy Fu
Steel Co A
(MPa) (MPa) C1 n
(MPa)  (MPa)
Connections 4 omm 269 385 0.12 2888 660.0 0.207
under axial,
. . . 6.0mm 262 406 0.12 3045 7170 0219
In validated eccentric tension
FE models Connections 4.0mm 439 522 0.12 391.5 816.3 0.157
under in-plane 379 502
bending 5.0mm 0.12 376.5 844.9 0.181
269 395 0.12 296.3 668.2 0.206
In parametric study models 439 520 0.12  390.0 815.0 0.155
495 640 0.12 480.0 951.2 0.139
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Table 4. Proposed design resistance of plate-to-concrete-filled CHS connections

16 under tension and in-plane bending
Loading type Punching shear design strength Validity range
AFu,Ax
[t = to/D 0.02 <4 <0.06
| I p=t F . =091, +11t) t F, 02=4<0.
— y = DI(2t) 20.0<y<66.7
ST 7 = 1b/D (6) 0.75 <7 < 2.50
D b
Mug”™ | X I
t _
b — /D 0.02 </ <0.08
| I p=tl M, =(0.31I, +0.49t,)I, t F, P
—— == y = DI(21) 18.0 <y <66.7
10
DL T n=h/D (10) 0.85<#7<3.33
A
re——FuE
| |ty B =1tu/D F. eF. <10 0.02<5<0.06
L Iy y = DI(2Y) Fox Mus 20.0 <y <66.7
~ i f - } 5 = Ib/D (11) 0.85<# <250
17
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Table 5. Comparison of design strengths with FEA results: axial tension

Specimens H o Fiea Fuax Foacvad Fuax/ Frea Fuax_weld/ Frea
(MPa) (MPa) (kN) (kN) (kN)

T-300-3-500-8-AX 269 395 584.2 543.7 576.9 0.93 0.99
T-300-3-500-10-AX 269 395 639.2 546.3 579.5 0.85 0.91
T-300-3-500-10-AX 439 520 843.6 719.2 762.8 0.85 0.90
T-300-3-500-10-AX 495 640 969.8 885.1 938.9 0.91 0.97
T-300-3-500-12-AX 269 395 656.6 548.9 582.1 0.84 0.89
T-300-3-500-15-AX 269 395 675.9 552.8 586.0 0.82 0.87
T-300-4-300-12-AX 269 395 549.2 447.5 491.7 0.81 0.90
T-300-4-340-12-AX 269 395 625.6 504.3 548.6 0.81 0.88
T-300-4-420-12-AX 269 395 740.1 618.1 662.3 0.84 0.89
T-300-4-500-12-AX 269 395 817.2 731.9 776.1 0.90 0.95
T-300-4-600-12-AX 269 395 929.7 874.1 918.3 0.94 0.99
T-300-5-500-12-AX 269 395 1015.4 914.8 970.1 0.90 0.96
T-300-6-500-12-AX 269 395 1215.2 1097.8 1164.1 0.90 0.96
T-240-3-500-12-AX 269 395 568.9 548.9 582.1 0.96 1.02
T-240-3-500-12-AX 439 520 738.7 722.6 766.3 0.98 1.04
T-240-3-500-12-AX 495 640 846.2 889.3 943.1 1.05 1.11
T-240-4-500-12-AX 269 395 724.5 731.9 776.1 1.01 1.07
T-240-5-500-12-AX 269 395 877.6 914.8 970.1 1.04 1.11
T-400-3-500-12-AX 269 395 601.5 548.9 582.1 0.91 0.97

Mean 0.91 0.97
CoV 0.082 0.078
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Table 6. Comparison of design strengths with FEA results: in-plane bending
Specimens gk Fu Mrea Mo My _weld Mus/ Mrea My weld / MFEA
(MPa) (MPa) (kN'm) (kN-m) (kN-m)
T-300-3-500-8-1B 439 520 122.85 123.96 136.23 1.01 1.11
T-300-3-500-10-1B 269 395 98.45 94.74 104.07 0.96 1.06
T-300-3-500-10-1B 439 520 127.16 124.72 137.00 0.98 1.08
T-300-3-500-10-1B 495 640 160.74 153.50 168.62 0.95 1.05
T-300-3-500-12-1B 439 520 135.13 125.49 137.77 0.93 1.02
T-300-3-500-15-1B 439 520 152.12 126.63 138.93 0.83 0.91
T-300-4-340-12-1B 439 520 89.71 78.70 89.94 0.88 1.00
T-300-4-420-12-1B 439 520 129.79 118.88 132.70 0.92 1.02
T-300-4-500-12-1B 439 520 180.12 167.32 183.70 0.93 1.02
T-300-4-600-12-1B 439 520 231.11 239.47 259.06 1.04 1.12
T-300-5-500-12-1B 439 520 205.54 209.14 229.62 1.02 1.12
T-240-3-500-12-1B 439 520 141.66 125.49 137.77 0.89 0.97
T-240-4-500-12-1B 439 520 185.92 167.32 183.70 0.90 0.99
T-240-5-500-12-1B 269 395 170.95 158.87 174.43 0.93 1.02
T-240-5-500-12-1B 439 520 219.26 209.14 229.62 0.95 1.05
T-240-5-500-12-1B 495 640 274.70 257.41 282.61 0.94 1.03
T-180-3-500-12-1B 439 520 141.13 125.49 137.77 0.89 0.98
T-180-4-500-12-1B 269 395 143.39 127.10 139.54 0.89 0.97
T-180-4-500-12-1B 439 520 186.63 167.32 183.70 0.90 0.98
T-180-4-500-12-1B 495 640 230.43 205.93 226.09 0.89 0.98
T-180-5-500-12-1B 439 520 227.72 209.14 229.62 0.92 1.01
T-400-3-500-12-1B 439 520 127.12 125.49 137.77 0.99 1.08
Mean 0.93 1.03
CoV 0.055 0.052
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Table 7. Comparison of design strengths with FEA results: eccentric tension

Specimens i F Fea Fu Fue wad Fug/ Frea  Fug weld/ FrEa
(MPa)  (MPa) (kN) (kN) (kN)
T-300-4-500-12-E15 269 395 750.75 673.7 716.4 0.90 0.95
T-300-4-500-12-E30 269 395 691.87 624.1 665.3 0.90 0.96
T-300-4-500-12-E50 269 395 619.18 568.2 607.4 0.92 0.98
T-300-4-500-12-E70 269 395 578.77 521.6 558.8 0.90 0.97
T-300-4-500-12-E85 269 395 540.83 491.4 527.2 0.91 0.97
T-300-4-500-12-E105 269 395 514.59 456.1 490.2 0.89 0.95
T-300-4-500-12-E125 269 395 499.91 425.5 458.1 0.85 0.92
T-300-4-500-12-E175 269 395 420.75 364.5 393.6 0.87 0.94
T-300-3-500-8-E25 269 395 481.07 475.1 506.4 0.99 1.05
T-300-3-500-8-E50 269 395 450.93 421.9 451.2 0.94 1.00
T-300-3-500-8-E70 269 395 408.05 387.2 415.1 0.95 1.02
T-300-3-500-8-E85 269 395 351.00 364.7 391.6 1.04 1.12
T-300-3-500-8-E105 269 395 356.72 3385 364.1 0.95 1.02
T-300-3-500-8-E125 269 395 326.71 315.8 340.2 0.97 1.04
T-300-3-500-8-E155 269 395 308.33 286.9 309.7 0.93 1.00
T-300-3-500-8-E175 269 395 292.26 270.4 292.2 0.93 1.00
T-300-3-500-12-E25 269 395 563.18 479.8 5111 0.85 0.91
T-300-3-500-12-E50 269 395 435.13 426.2 455.6 0.98 1.05
T-300-3-500-12-E85 269 395 377.75 368.5 395.4 0.98 1.05
T-300-3-500-12-E125 269 395 334.81 319.2 343.6 0.95 1.03
T-300-3-500-12-E190 269 395 283.34 262.1 283.2 0.93 1.00
T-400-3-500-12-E10 269 395 566.93 519.0 551.4 0.92 0.97
T-400-3-500-12-E50 269 395 477.49 426.2 455.6 0.89 0.95
T-400-3-500-12-E85 269 395 383.22 368.5 395.4 0.96 1.03
T-400-3-500-12-E125 269 395 316.37 319.2 343.6 1.01 1.09
T-400-3-500-12-E190 269 395 285.89 262.1 283.2 0.92 0.99
T-240-3-500-12-E15 269 395 525.22 505.3 537.3 0.96 1.02
T-240-3-500-12-E50 269 395 447.66 426.2 455.6 0.95 1.02
T-240-3-500-12-E85 269 395 399.61 368.5 395.4 0.92 0.99
T-240-3-500-12-E125 269 395 356.96 319.2 343.6 0.89 0.96
T-240-3-500-12-E175 269 395 314.31 273.4 295.2 0.87 0.94
Mean 0.93 1.00
CoV 0.048 0.048
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